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Introduction 
Background 
In 1929 Sir Vandeleur Grayburn, the Chief 
General Manager of the Hongkong & 
Shanghai Banking Corporation, decided 
that the Bank needed a new Head Office in 
Hong Kong. The Bank had occupied part of 
the site at no. 1 Queen 's Road Central at the 
centre of Hong Kong 's banking and finan
cial district since the mid-19th century, and 
now instructed G. L. Wilson, a partner of 
Palmer & Turner, an architectural firm in 
Hong Kong , 'please build us the best bank in 
the world '. 
Sign ificantly the building, wh ich was open
ed in October 1935, formed one of the most 
up-to-date and completely equ ipped 
buildings in the Far East (Fig . 1). Although 
much material and equipment came from 
England, the whole enterprise was com
pleted in two years under the direction of 
Messrs. M. H. Logan and L. E. Amps, who 
were not only the designers of the structure 
but were also responsible for the manage
ment of construction . 
There were several innovative features in the 
new building. Provision was made in the 
design of the roof to take a helicopter land
ing pad, the building was air-conditioned, 
and tubular steel scaffolding was imported 
from England. Above all , the structural steel 
frame was designed and constructed in a 
high tensile steel called Chromador, with a 
guaranteed minimum yield stress about 
60 % greater than ordinary mild steel. It was 
one of the first applications of this steel in 
buildings. 
By the late '70s, the Hongkong Bank, as it 
had become known, had grown into one of 
the major and most important international 

2 banks at a time of Hong Kong 's rising status 

as an international banking and commercial 
centre, and began considering the re
development of its headquarters to meet its 
increased spat ial and symbol ic re
quirements. In 1979 Ove Arup & Partners 
were engaged as structural engineers, 
together with a full building professional 
team, to report on the options and limita
tions for the redevelopment of the site on 
which the 1935 building, together with its ad
ditions, stood. 
The report , wh ich was submitted in February 
1979, formed much of the background 
material for a limited architectural competi
tion held between seven invited f irms of 
architects between June and October 1979. 
Of the seven architects, two were from each 
of Australia, England, and the United States, 
and one from Hong Kong. The Bank was 
clearly intent on maintaining a distinctive 
presence on the Queen 's Road Central site 
in keeping with the innovative standards set 
by its 1935 building .. Foster Associates from 
London was selected. We had collaborated 
with Foster in formulating his proposals 
which , while responding to the brief in 
examining the options for partial or phased 
redevelopment , proposed a third preferred 
opt ion of a phased regeneration of the site. 
The essence of t his proposal was the open
ing up of a series of possibilit ies which 
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allowed the client to construct either a total
ly new building or one which retained a 
variable amount of ex isting space, including 
in particu lar the old banking hall , opening up 
new options for an orderly development of 
the site. Techn ically, this implied a large
span building capable of being constructed 
over at least part of the 1935 bank. The large 
span also created the possibility of opening 
the ground-floor as a public space. By 
dedicating this area to the publ ic, the plot 
rat io - i.e. the ratio of the area of the con
structed building to the site area - could be 
raised from 15:1 to 18:1. 
The resulting building which is described in 
this paper has, long before its completion in 
the latter part of 1985, created interest , 
speculation, admiration, and, of course, in
tense controversy. Not the least part of this 
has been the building 's final cost which in
cludes substantial sums for the special 
facilities required in an international bank's 
headquarters, together with all of the fit-out 
elements normally installed by tenants. 
Controversy makes news, but often 
obscures the challenge, the excitement , the 
pleasure in being able to participate in , and 
contribute to, something special , someth ing 
wh ich will ultimately be tested only by the 
cl ient's and the public 's appreciation and 
enjoyment. 
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Preliminary concept 
The range of options and flexib i lity inherent 
in Foster's competition scheme enabled the 
evolutions of the brief to take place 
simultaneously with architectural and 
technical design development. 

Between October 1979 and January 1981 , 
when t he f inal concept was approved by the 
client 's board , the scheme evolved through 
many designs which were synthesized, 
analyzed, and superseded , after evaluation 
by client, architect , and engineer, in any 
combination . The dominant challenge of 
this period was to maintain a positive 
response to, and collaboration with , an 
arch itect whose conceptua l originality is 
matched on ly by his inf inite attention and 
care for detail. 
Gradually, the Bank's fundamental re
quirements emerged which pointed to the 
following elements being provided for in the 
project: 
(a) a basement - to contain security and 
safe deposit vaults with secure access; 
loadi ng and unloading facilities for bu ll ion , 
as wel l as for the normal stores and equip
ment of an office building; plantrooms; 
public space for exhibition and general pur
poses. 
(b) a superstructure - to contain a multi
level banking hall around a central atrium 
space; headquarters office accommoda
tion , inc lud ing the specia list departments 
associated wit h a major in ternational bank; 
apartments and executive suites; recreation 
areas (including facilities for a swimming 
pool , subsequently omitted); restaurant and 
kitchen facilities; gardens and terraces at 
high level ; a helipad and viewing gallery at 
the top of the building. 
(c) and overall - a building providing max
im um flex ibility for changes in operational 
use and able to respond to the needs and 
demands of developing banking technology. 

During this briefing and preliminary concept 
period , the client decided to redevelop the 
site completely . Phased redevelopment was 
rejected but modest banking facil it ies were 
to be established temporarily in the building 
known as the 'Annexe' occupying the 
westerly port ion of the site. 
The structural and civil engineering 
response to the prelim inary architectural 
concepts included studies for a 180m high 
tower approximately ?Orn x 55m in plan , 
which evolved from the competition pro
posals through a scheme named the 
'chevron ' solution to the final design (Fig . 2) . 

The common thread was to provide as much 
unobstructed floor space as possib le, to 
prefabricate offsite because of congestion 
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on the site in particular, and to use the struc
ture as the basis to give the building its 
d istinctive architectura l express ion. 
At the same time, studies relating to the ex
tensive basement involved risk analyses in
cluding construction t ime and cost measured 
against increased depth (Fig. 3) . Ground 
conditions in the central area of Hong Kong 
are difficul t and not conducive to deep 
excavations, but the high cost of land , 
coupled with planning height restrictions , 
necessitated a multiple ~asement solution. 
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The final design emerged as a building com
prising a 47-storey steel-framed superstruc
ture of overal l height 200m standing 180m 
above ground , with a four-level basement 
varying in depth from 16m to 20m (Fig . 4). A 
total f loor area of 100,000m2 is provided by 
the structure, this being the maximum allow
ed by the current planning regulations. The 
main frame and fo undations, however, have 
been designed to allow for the addition of 
some 30% extra superstructure floor area in 
the future, should the regulations change. 



The requirements for gardens, terraces, 
pools and other recreation areas, combined 
with the service modules and the loading 
flexibility required by the banking opera
tions, has resulted in the framework being 
designed for higher loadings than would be 
associated with more standard tall 
buildings. 
Superstructure 
The superstructure is rectangular in plan , 
approximately 54m x ?Orn overall , as in
dicated in Fig . 6. Two rows of four steel 
masts provide the main vertical structure of 
the building and extend from lowest base
ment level to the tops of the three 'slices' to 
form the cutback geometry (Fig . 5). which 
itself was a response to the planning regula
tions. 
Two-storey suspension trusses at five 
discrete levels of the building span 33.6m 
east-west between the masts and cantilever 
10.8m beyond them, dividing the building 
vertically into five zones (Fig. 4) . Tubular 
hangers are connected to the central and 
outer nodes, and from the hangers are 
suspended the floors. With the ground-floor 
and basement structure being conventional
ly supported, this suspension structure 
arrangement creates a large column-free 
zone at ground-floor level , with all of the 
superstructure loads being carried by the 
eight masts. 
Planning regulations also required that the 
massing of the building on the east side be 
reduced . This was achieved by setting back 
the floors between the masts on that side, 
the set-back increasing progressively up the 
building. The resulting floor plans at various 
levels are shown in Figs. 7 to 9. 

The major potential for future increase in the 
area of the building lies in these east-side 
setbacks. The adjacent primary beams, plus 
the masts and foundations, were designed 
to ca rry the load from the total infill of this 
side of the building, making the structure 
essentially similar to the west side. 

The two-storey spaces occupied by the 
suspension trusses become the focal point 
for each bank of floors. They contain the 
reception, conference, and dining areas, 
and lead onto open terraces which form both 
refuge areas in the event of fire and recrea
tion areas in normal times, with some of the 
best views in Hong Kong as a bonus. The 
structure has been designed to carry the 
load from mezzanine floors should these be 
introduced at a later date. 
The layout on all floors is essentially the 
same, being dominated by the large central 
open space to provide maximum flexibility 
in layout and operational use. Services, lifts , 
and stairs, are located on the east and west 
sides, with the lifts above level 13 serving 
only the double-height floors . Travel be
tween these levels is by escalator, resulting 
in faster average journey times and a greater 
feeling of 'openness' and communication 
between floors. The central slice of floor in 
the lowest superstructure zone is omitted to 
form an atrium between levels 3 and 13 (Fig . 
6), around which are located the public 
access banking areas with the new double
height Banking Hall being at level 3. 

A glazed curved soffit seals the base of the 
atrium at level 3 affording a c lear view into 
the building above from the plaza floor, 
which forms an at-grade public 
thoroughfare linking two of Hong Kong 's 
major pedestrian routes . 
An important feature of the atrium is the 
arrangement of sunscoops, one external 
and one internal , that reflect daylight into 
the building and so light the internal atrium 
space. 
Towards the top of the building are the 
senior executive suites, together with the 
Chairman 's apartment. 

Fig. 6 
Levels 3-11 
floor plan 

Fig. 7 
Levels 13-28 
floor plan 

Fig. 8 
Levels 30-35 
floor plan 

Fig. 9 
Levels 37-41 
floor plan 
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Above level 43 the building structure inverts 
to form the 'top of the building ', a group of 
floors containing dining and execut ive areas 
surmounted by a helicopter landing pad. 

Substructure 
The planning of the basements reflects that 
of the superstructure, with vert ical services 
distribution, li fts and stairs concentrated on 
the east and west sides (Figs. 10 and 11). 
Generally four levels deep, the basements 
reduce to a single levE;!I on the west side 
because of the retention of the annexe 
building during the first phase of construe· 
tion . 
The first basement level is essentially a 
public-use area containing safe deposits, 
offices, and public and VIP reception areas. 
The main entrance is via escalators from the 
east side, while on the west , small vehicle 
access is provided down a ramp into secure 
areas for cash and bullion deliveries. The 
three lower levels house the vaults and the 
main plant for the building, and access for 
large vehicles is provided by two 17 tonne 
lorry hoists on the east side which lead to 
the loading docks at the lowest level. 
The basement structure is built within a 
1 m-thick perimeter diaphragm wall extend· 
ing some 25m to rock, grouted at the base to 
form a watertight seal to minimize ground 
water drawdown outside the site during 
subsequent excavation within the wall 
enclosure. The floor structure within this 
perimeter is solid reinforced concrete flat 
slabs spanning onto columns generally on a 
7.2m x 8.1m grid. The finishes to the base
ment are as-struck exposed concrete for 
floor , soffits, and columns. Internal columns 
are cased steel stanchions founded on 
single concrete shafts extending to rock. 
The foundation to each of the eight main 
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superstructure masts is formed by a group 
of four concreted caissons, one under each 
mast leg, with bell-outs in the granite 
bedrock. 
Seawater tunnel 
Located in the south-east corner of the 
lowest basement level is the entrance to the 
seawater tunnel. 6m in diameter and driven 
in the massive granite at a depth of up to 
75m, the tunnel contains 700mm diameter 
pipes bringing seawater from the harbour 
tor the building 's air-conditioning and 
flushing systems. 
To bring the seawater the 350m to the Bank 
from the harbour requires traversing two 
major roads, a deep underground railway 
station, and one of Hong Kong 's most 
famous landmarks, Statue Square (which is 
also one of the few remaining open spaces 
in the centre of Hong Kong). To avoid the 
major disruption of surface works in these 
areas, a tunnelled solution was adopted. 
The minimum depth tor the tunnel was dic
tated by the enclosing diaphragm walls to 
the existing underground station and the 
future island line underground railway tun
nels , as indicated in Fig . 12. However, by a 
moderate further increase in the depth of the 
tunnel , it could be driven entirely in massive 
granite, thus avoiding the construction 
restrictions of using compressed air and 
minimizing the excavation supports needed. 
The final line of the tunnel is shown in Fig . 
12, the depths being determined by the 
quality of granite and the need to maintain a 
constant drainage fall. 
At the harbour end of the tunnel a circular 
shaft rises some 75m to the surface. The 
upper section of shaft located within the 
completely decomposed granite is 12m in 
diameter and was formed by diaphragm 
walling; it houses the filtration and pumping 
equipment for the system. The lower section 
of shaft is 8m in diameter. 

Shall No. 1 

STN O • 3471 

Fig.13 
Seawater tunnel shafts 

Intake and outfall pipes connect to the top 
of the shaft, and water is carried through the 
system in three 700mm pipes, one flow, one 
return , and one standby. All parts of the 
system are similarly equipped with backup 
units to ensure continuity of operation dur
ing maintenance and in the event of 
breakdown. 
The tunnel itself is circular in shape with an 
unreinforced concrete lining of internal 
diameter 5m. The system is illustrated in 
Fig. 13. 

Contract organization 
The organization of the construction con
tracts was through an overall management 
contract , whereby contracts were let for sec
tions of the work, known as packages. This 
arrangement allowed the tendering of in
dividual contracts on a competitive basis as 
soon as that portion of the design was com
plete, thus ensuring minimum delay before 
execution of the works while retaining the 
cost benefits of competitive tendering. 
As the design for each package progressed, 
extensive prequalification exercises were 
carried out to shortlist those contractors 
best suited to carry out the works. Because 
of the scale of the works and the desire to 
obtain the best quality and price available, 
contractors from around the world were 
interviewed, resu lting in truly internat ional 
and competitive final tender prices. 
The scale of the prequalification and tender
ing process varied with the scale of the 
package to be undertaken. For example, the 
main structural steelwork package involved 
the initial selection of about 30 international 
companies, the vast majority in joint ven
ture, followed by a prequalification submis
sion from nine selected joint ventures from 
which the final tender list of five was 
selected. By comparison the much smaller 
package for the diaphragm wall was 
tendered to three local established and 
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experienced contractors without any selec
tion or prequalification stages. 
The packages tor the structural works were 
awarded to a wide range of international 
companies, the main steel frame being 
fabricated in the UK, the service modules in 
Japan, the cladding in the USA, and the 
substructure being awarded to a Hong Kong 
subsidiary of a French company. The prin
cipal contractors are listed at the end of this 
paper. 
The programming and coordination of con
struction was carried out by the manage
ment contractor, who was appointed on a 
competitive tender basis early in the project 
and worked with the design team to ensure 
that the designs were informed by con
siderations of programme and 'buildability'. 
The management contractor was respon
sible for the overall quality control of con
tractors ' works and for the provision of tem
porary works, and provided the on-site com
mon user services such as hoists, electrics , 
security , toilets, etc . 
Ground conditions 
The site 
Most of Central District is built on reclaimed 
land , and 1 Queen's Road Central is no ex
ception . Historical records show that the 
original foreshore crossed the site, but 
reclamation works carried out over the past 
century have resu lted in the harbour now 
being about 350m to the north (Fig. 14). 
Extensive site investigation works were car
ried out in two phases during 1980 and 1981 , 
consisting of 13 and 36 boreholes , respec
tively, up to 48m deep. These show a top 
layer of loose fill up to 7m thick which , to the 
north of the original shoreline, overlies 
sandy marine deposits up to 4m thick (Fig. 
11). Groundwater was generally 2m to 3m 
below ground level. 
The major soil stratum on the site is the com
pletely decomposed granite (COG), which 
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underlies the fill and marine deposits and 
varies in thickness from 15m to 27m. The 
more weathered material in the upper 6m to 
9m of the stratum is a medium dense silty 
sand, grading into a dense to very dense 
gravelly sand as the degree of decomposi
tion decreases with depth . Rockhead level 
between the COG and the base coarse
grained granite was found to be highly un
dulating. 
The site is in the centre of an extensively 
redeveloped area of medium- to high-rise 
bank and office buildings, and an extensive 
desk study was undertaken to determine as 
much as possible about their foundations. A 
noteworthy building in the immediate vicin
ity of the site is the Courts of Justice wh ich , 
constructed circa 1900, is one of the few re
maining examples of Hong Kong 's old col
onial style of architecture. 

Preliminary assessments 
Previous experience in Hong Kong had 
shown that large ground movements cou ld 
occur during the process of forming deep ex
cavations in the completely decomposed 
granite, due both to stress relief on the sides 
of t he excavation and to the lowering of the 
externa l groundwater leve l by dewatering 
wit hin a site. During construction of a near
by underground station, for example, the 
Courts of Justice building was observed to 
settle by up to 180mm. Throughout the plan
ning and design phases it was therefore 
clear that the overriding constraint on the 
substructure construction would be to limit 
ground movements to an acceptable level. 
The roads around the site are some of the 
busiest in Central , and any event which 
threatened their closure would have con
siderable repercussions. Major services run 
beneath the roads, and many of these ser
vices are old and in a poor state of repair and 
therefore susceptible to damage by ground 
movements. 
Adjacent buildings and structures were also 
a cause of concern . Although some of the 
buildings are supported on piles, the found
ing levels are quite shallow compared to the 
depth of excavation planned, and to the 
south of the site, on the opposite side of 
Queen 's Road Central, there are old retain
ing walls which are not in a particularly good 
state of repair. Large ground movements 
from the new construction could therefore 
have caused significant damage in the sur
rounding area. 
Initial studies assessed the use of sheet 
piles, temporary strutting , and full dewater
ing as in traditional basement construction . 
The prediction of large ground movements 
resulting from this construction approach 
led to the decision to use a top-down method 
of construction inside a diaphragm wall 
'box' around the site. The wall would provide 
both a stiff restraint to the sides of the 
excavation and, by grouting the base, a 
relatively watertigh t enclosure to minimize 
groundwater drawdown outside the site. 
Then, in addition, by constructing the per
manent slabs as the excavation proceeded 
and subsequently digging underneath, 
much stiffer lateral supports could be pro
vided to the wa ll s during excavation than 
would have been feas ib le with temporary 
strutti ng. 

Ground movements 
In troduction 
The final arrangement of the basements is 
shown in Figs. 10 and 11. The principal con
cern of the ground movement analysis was 
to assess the likely effects of the construc
tion of the deep basements on the adjacent 
buildings and services and to integrate 
those findings with the development of con
struction procedures and controls. The 
analysis was also used for the design of the 
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generated during ' top-down ' construction 
cannot be estimated reliably by those 
established empirical analysis methods 
associated with open excavations. 
Analysis 
Ground movements were to be expected 
from both the installation of the diaphragm 
wall itself and the subsequent excavation 
within the box. Both phases of construction 
would , however, result in some lowering· of 

Princes Building 

the external groundwater level, which in 
itself causes ground settlements. 
A flow model was therefore first established 
using the records from previous nearby ex
cavations and the results of pumping tests 
carr ied out during the site investigations. 
This was used to assess the external 
drawdown due to dewatering inside a 
diaphragm wall enclosure, and the effects of 
grouting the base. This showed that , while 
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unacceptably high drawdowns would result 
from an unsealed wall , satisfactory improve
ment could be obtained by grouting the base 
at the interface with rock. By this means it 
was expected that lowering the ground· 
water inside the site to rock level would 
cause not more than 10mm settlement out
side the site. 
The effects of installation of the diaphragm 
wall itself were assessed principally from 
back-analysis of previous projects in the 
area. From these past projects it was 
recognized that ground movements were in
fluenced by the size of panel to be ex
cavated , the slurry level in the trench , and 
the surrounding groundwater level. The 
method of construction selected had to con
tain the movements associated with these 
factors and, at the same time, be practical. 
Following a series of laboratory tests , a 
maximum panel length of 6m was specified , 
together with a minimum excess head of 
3.5m of the slurry level in the trench over the 
external groundwater. Although this excess 
head could practicably only be gained by 
deliberate dewatering of the adjacent 
ground, the degree to wh ich the ground
water was lowered was the same as was 
expected to occur during the basement ex
cavation . 
Computer analysis of the excavation 
sequence was carr ied out using a model 
which represented the soil by a linear elastic 
continuum acting between active and 
passive limits. Soil properties were initially 
estimated from the site investigation data, 
and the model was refined by back-analysis 
of previous projects. Alternative construc
tion proposals were then tested using this 
model to arrive at the final sequence. 
The model was also subsequently used dur
ing construction when , following excavation 
to first basement level , the ground 
movements measured up to then were back
analyzed. This showed that settlements 
were somewhat less than had been anti· 
cipated , and hence some of the restrictions 
on excavation could be relaxed. 
Effects of construction 
Contours of predicted settlement due to 
diaphragm walling and basement construc
tion are shown in Figs. 15a and b. Greater 
settlements were predicted to the north of 
the site because of the softer soils there, 
arising from it being reclaimed land. Two 
analysis models were used to represent the 
different soil properties on the north and 

Fig.16 

south sides of the site, with the predictions 
for the east and west sides being obtained 
by interpolation. 
Principal concern was, of course, directed at 
differential settlements; the predictions 
illustrated in the figures were considered ac
ceptable and were not expected to cause 
any structural damage to adjacent 
buildings. Minor cracking was anticipated in 
the roads , although the services beneath 
were not expected to suffer damage. 
A comprehensive monitoring installation 
had been placed around the site before con
struction commenced. This comprised 
standpipes and piezometers to monitor 
groundwater levels, inclinometers in the 
diaphragm walls and in the ground to 
measure lateral movements, plus building 
and ground settlement levelling points, 
totalling some 100 instruments and sta
tions. These were supplemented by the use 
of previously installed monitoring points, 
plus the addition of some 50 temporary set
tlement stations installed by the statutory 
authorities. 
The schedule for the reading of individual 
instruments varied according to the stage of 
construction , with , for example, piezo
meters adjacent to a diaphragm wall panel 
under excavation being read every 6 hours, 
while those remote from the site were read 
twice weekly. 
Fig . 15c shows the total settlement contours 
at the end of basement construction , and it 
can be seen that settlements were generally 
less than predicted. Two principal factors 
accounted for this. Firstly, the sett lements 
due to diaphragm walling were reduced 
because of the generally very good control 
exercised over slurry levels and the 
associated excess head over groundwater, 
and secondly the soil mass proved to be stif
fer than expected, particularly to the south 
of the site. The grouting to the base of the 
diaphragm wc1II also was very effective and 
reduced considerably the dewatering of the 
external ground during basement excava
tion. 
Foundations 
Description 
The eight superstructure masts are restrain
ed laterally at first basement level but are 
otherwise structurally independent of the 
suspended basement slabs. Wind load is 
taken through the first basement slab to the 
diaphragm walls and thence transferred 
down to the rock, with the panels acting 

Access caisson excavation (Photo: The Hongkong Bank) 

compositely through shear-linkage provided 
by the capping beam and slabs. Lateral 
restraint is also provided at the lowest base
ment level where the masts are prestressed 
to caps integral with the lowest basement 
slab. 
Each of the four columns of a mast is found· 
ed on a single re inforced concrete shaft ex
tending down to rock, with the shaft 
diameters of between 2.5m and 3.5m and 
bell -outs within the rock of up to 4.1 m 
diameter. The rock bearing stress was 
limited to 5000 kN/m2. These 'primary' foun
dations were constructed as caissons dug 
by hand in the traditional Hong Kong man
ner, with blasting employed at the base for 
the bell -outs within the massive granite. 
Because of the high loads on the founda
tions , and since each column has only one 
shaft , great care was taken to ensure that 
the rock beneath each founding level was 
sound. Penetrations below notional rock
head level extended to 7m in some cases 
before the whole of the bell-out area was 
considered satisfactory, and three probes 
were f inally drilled below each base to en
sure that no weaker layers existed beneath. 
Columns for the basement structure were 
similarly founded on single concreted 
caissons , although these 'secondary' 
caissons were straight-shafted and ·smaller 
(2.1 m diameter) than the primaries and were 
only keyed into the rock. 

Construction sequence 
Following completion of the diaphragm wall · 
enclosure, the top-down construction· se
quence required that the foundations to the 
internal basement co lumns be first con
structed from ground level so as to allow in· 
stallation of the columns. These would then 
support the concrete slabs as they were cast 
progressively from the first level down, ex
cavation being carried out beneath the con
structed slabs. 
In parallel with the construction of the base
ment slabs it was necessary to commence 
erection of the superstructure. Since the 
masts extend to the lowest basement level 
this required the advancement of significant 
areas of the basement excavation around 
the masts to allow their installation. 
An arrangement consisting of 10m _i nternal 
diameter access caissons was adopted. The 
access caissons were sunk around each 
mast from ground level to the lowest base
ment, and from their base were then dug the 
individual caissons to form the mast founda
tions. Fig . 16 shows the access caissons at 
the start of excavation. 
This sequence resulted in the first mast sec
tions being erected on schedule in January 
1983, some 11 months after the start of 
diaphragm wall excavation . 

Rock anchors 
The design concept which created the large 
column-free space at ground-floor level also 
created a problem in the basements -
hydrostatic uplift. With design groundwater 
level at grade to allow for flood conditions 
and all of the superstructure weight concen
trated in the mast locations, there is simply 
not enough dead load in the basement struc
tures to resist the water pressures. 
An investigation was carried out into the use 
of an active dewatering system since, with 
the diaphragm wall cut-off, only relatively 
small volumes of water would need to be 
removed to reduce the pressure. In consulta
tion with the client 's future building 
management team, however, it was decided 
that the possible problems outweighed the 
potentia l advantages, and a system of per
manent rock anchors was chosen. 
The anchors are located in the column foun
dations and are fully accessible for monitor-
ing and, if necessary, restressing. 9 



10 

Elements of the superstructure 
Masts 
The components forming the mast elements 
are shown in Fig . 17. Each mast comprises 
four tubular steel columns interconnected 
by haunched rectangular beams at storey
height intervals of 3.9m to form an overall 
Vierendeel structure. The masts are 4.8m x 
5.1 m centre to centre on plan. 
The elevational geometry of the haunched 
beams is constant throughout the height of 
the building, while the tubulars decrease in 
diameter up the building height to reflect the 
decrease in axial and lateral loads. The 
column diameter remains constant on all 
masts within a zone and the steel thickness 
is varied to suit the individual loads. 
Tubulars at the base of the building are 
typically 1.4m diameter with a maximum 
wall thickness of 100mm, reducing to 
800mm in diameter and 40mm in thickness 
at the top of the building. Flange thick
nesses in the haunched beams are generally 
less than 50mm, but towards the base of the 
building and within the suspension truss 
zones, increase to 100mm. 
Suspension trusses and hangers 
A typical suspension truss arrangement is 
illustrated in Fig . 18. The truss structures 
comprise rectangular elements connected 
to each other and to the masts by pins pass
ing through end clevis plates into large 
spherical bearings located within thick 
gusset plates. The horizontal truss elements 
also form the primary floor beams at the 
stability levels. Generally, the depth of the 
inclined elements is 500mm and that of the 
horizontal elements 900mm. 
Gusset plates are generally in excess of 
100mm thick and reach a maximum thick· 
ness of 175mm. The bearings are main
tenance-free radial spherical plain bearings, 
with the inner ring made from hardened steel 
with its spherical surface hard-chromium 
plated. The axially split outer ring is lined 
with PTFE foil , and seals are fitted in the 
side faces of the bearings. Over 650 bear
ings were used, ranging in size from 150mm 
to 600mm and with a maximum load of just 
under 20 MN. The pins were manufactured 
from machined EN19R solid bar, and the 
largest is 380mm in diameter. 

Fig.17 
Mast components 

The individual truss elements comprise two 
thick plates joined by thinner web plates, the 
thicker plates being placed top and bottom 
in the horizontal elements for bending stiff
ness and vertically in the inclined elements 
to simplify connection detailing. 
The main vertical hangers consist of thick
walled tubes ranging in diameter from 
200mm to 400mm, with wall thicknesses of 
up to 60mm. Site connections are made with 
internal screwed couplers , since general 
site welding of such members would be im
practical and external connections would 
break the smooth finished lines of the 
hangers. A central solid coupler engages the 
threaded ends of the open hanger sections, 
with opposite threads each end. 

North-south cross bracing 
North-south stability is provided by two 
storey-high cross bracing which links the 
masts together on the east and west sides of 
the building at the suspension truss levels 
(Fig . 5). A three storey·high set of cross brac
ing is located between levels 5 and 8, within 
the Banking Hall atrium, to cope with the 
larger lower zone. 
The bracing is located on the inner line of 
mast tubulars only, which , although induc
ing eccentricity forces and concentrating 
the loads into single joints, has significant 
benefits in terms of the spatial impact of the 
bracing. The form of the bracing is similar to 
that of the suspension trusses, and bearings 
are used at all the connections to the masts. 
The central node of the bracing is a fully con
tinuous connection. 
Floor structure 
The typical floor structure consists of a 
100mm-thick reinforced concrete slab cast 
in situ on profiled metal decking and span
ning 2.4m between secondary beams. Hong 
Kong regulations do not allow the metal 
decking to be used as principal slab rein
forcement, however, and hence conven
tional reinforcement was placed in the slabs 
and the decking effectively used as perma
nent shuttering only. The slab also forms the 
horizontal diaphragm link between the 
masts. 
The secondary beams act compositely with 
the floor slab and typically span 11 .1 m be
tween primary beams, which in the general 
office area then span 16.8m between the 
mast and the central hanger. 

Secondary beams are typically rolled sec
tion I-beams 400m deep with headed shear 
studs shop welded to the top flange. Internal 
primary beams are 900mm-deep welded 
plate girders with flange thickness varying 
along the span up to 50mm . The beams are 
haunched at the mast end to mate with the 
diaphragms within the columns to which 
they are welded to form a moment connec
tion . A pinned connection detail forms the 
joint to the hanger. 
All slabs and beams in the office areas are 
designed tor a live load of 5 kN/m2 to allow 
storage and filing to be located anywhere on 
a floor. For assessing the loads on the main 
frame, however, only 25 % of the floor area 
within a zone (plus certain specific storage 
areas) is taken at this loading, the remaining 
75% having the statutory office live load of 3 
kN/m2. This results in a significant load 
reduction on the main frame and founda
tions while still providing maximum flexi
bility for planning of the office floors. 
Analysis of the superstructure frame 
Introduction 
Verification of the design of the superstruc
ture primary framework required extensive 
structural analysis which may be divided 
into three main categories: 
(a) Static analysis to demonstrate strength 
and compliance with the statutory re
quirements of the Hong Kong Building 
Code. 

(b) Dynamic analysis to predict the perfor
mance of the building under wind loading. 
(c) Static analysis to predict the cumulative 
deflections of the framework during the con
struction process. 
The use of database techniques and pre-and 
post-processors was central to the analysis 
procedures in order both to speed the pro
duction of information and to avoid the in
troduction of error during the preparation 
and retrieval of large volumes of informa
tion . 
Among the forces considered in the design 
of the building were those due to earth
quakes and tsunamis, where the event 
postulated by the insurance company was a 
wave 30m high travelling at 30 knots. The 
location and form of the building, however, 
is such as to generally protect it from this 
really quite unlikely event. For earthquakes, 
although Hong Kong may be considered as 
a region of low to moderate seismicity, the 
very high wind loads resulting from 
typhoons were found to be the dominant 
design case. 

Computer modelling 
The analysis system used was an in-house 
development of the PAFEC finite element 
program, mounted on Arups' mainframe 
computer. The system operates around an 
accessible database containing details of 
the model and analysis results, and has ex
tensive pre- and post-processing facilities. 
The detailed static analysis of the frame· 
work was performed on a three-dimensional 
space frame skeletal finite element model 
illustrated in Fig . 19. The basic model com
prised elements for the masts, suspension 
trusses and north-south cross bracing for 
one half of the structure, and contained over 
3200 nodes and 3000 elements. 
All of the column and beam components of 
each of the eight masts were modelled 
explicitly as single elements, with bending 
and shear stiffness parameters calculated 
to give the correct overall sway stiffness for 
the assembly. The procedures for cal· 
culating equivalent properties were devel
oped after extensive theoretical and finite 
element modelling of typical joints to 
establish the effects of the non-prismatic 
haunched beam profile and of the large size 
of the joints relative to the spans. The pro
cedures were automated by development of 
pre-processor programs to prepare the 
member property sections of the input data. 
The stiffness of a typical subframe was later 
verified by the testing of a full -scale pro
totype, described in a subsequent section of 
this paper. 
The floors at each level interact in a number 
of ways with the main frame steelwork. 
Diaphragm action connects all the masts 
together tor overall movements in the north
south and east-west directions and for tor
sion about the vertical axis, and locally the 
floors tend to restrain plan rotations and 
distortions of the masts. In addition, the 
concrete plates act compositely with the 
truss members in axial resistance at upper 
and lower stability levels. 
It was considered impracticable to assess 
and model precisely the various interactive 
effects between the steel frame and the con· 
crete floors, particularly as the two sides of 
the bu ilding have, in the setbacks of the 
upper zones, floor diaphragms of very dif· 
terent degrees of completeness. In addition, 
the modular ratio is uncertain and, in any 
case, varies with the duration of loading, e.g. 
dead and wind loads. 
For this reason , simple models of the floor 
diaphragm were employed which provided 
reasonable bounds to the effects of the vary
ing diaphragm completeness and stiffness 
using either beam elements or membrane 
plate elements. Rigid link methods were 



eliminated at a very early stage in favour of 
more real istic element modelling because 
the rig id links introduced unrealistic force 
interactions in conjunct ion w ith the main 
north-south cross brac ing elements. 
The information available in the computer 
database files enabled the production of 
calculat ions for the mast elements to be 
fully automated. Purpose-written post· 
processor programs were used to calculate 
the stresses at critical sections of columns 
and haunched beams for all the design load 
combinations and to check those stresses 
against the Code-allowable stresses. These 
results were output on calculation pages 
suitable for submission to the checking 
authorities. 
Static behaviour 
The gravity load support system divides into 
five separate zones verti cally through the 
build ing. The loads from each are taken by 
its suspension trusses to the masts, which 
transmit the load directly to the foundations. 

Upper stability level 

Outer bottom 
boom 

Fig.1 8 

Pins shown + 

Suspension truss components 

Fig. 19 
Superstructure analysis computer model 

In general , the suspension trusses contain a 
top boom between the masts. However, 
these top booms are omitted for architec· 
tural reasons on the building facade frames 
and at the top of each mast . This leads to 
significant differences in the force actions 
in the trusses at these locations. The masts 
at the top of the building zones required 
particularly stiff Vierendeel beams to con· 
trol the deflections of the trusses. 
Ability to increase the floor area of the 
building at some stage in the future was pro· 
vided by so designing the frame and founda· 
tions as to allow the east-side f loor setbacks 
(Figs. 7 to 9) to be infil led . Al l design load· 
cases therefore had to consider both the set· 
back '1985' geometry and the ' filled -in ' 
future building . 
This capability for expansion resulted in 
symmetry of the vertical structure to sup· 
port the ' fi lled-in ' vertical loads but asym· 
metry of gravity load in the ' setback' 1985 
building. This symmetry of structure and 

asymmetry of gravity load ing cause the 
structure to deflect laterally during con· 
struction and result in the coupling of 
translation and torsion in the natural modes 
of vibration. Both these effects were 
examined in depth and are described in 
subsequent sections of this paper. 
The deflected shapes of the building under 
equivalent static wind load in the two prin· 
cipal directions are shown in Figs. 20 and 21. 

It can be seen that the behaviour in each 
direction is that of a five-storey portal frame, 
the masts acting as the col umns and the 
east-west suspension trusses and north· 
south cross bracing as the beams. The tram· 
ed structure of the masts gives a .pre· 
dominance of 'shear' rather than 'bending ' 
deformation. The top deflection of the struc· 
ture under the equivalent static wind load 
specified by the Hong Kong regulations, 
1.2 kN/m 2 at ground level up to 4.3 kN/m2 at a 
height of 140m and above, is approximately 
300mm in both principal directions. 

H angers from t ru ss above ------~ 

Top boo m 

Suspension 
truss zone 

Hangers to support floors below 

Fig. 20 Fig. 21 
East-west wind deflection profile North-south wind deflection profile 
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Fig. 22 
Wind tunnel test of Waglan Island 
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Fig. 23 
Wi nd climate of Hong Kong 

Overall stability 
In stability terms the structure may be sim
ply visualized as a five-storey unbraced 
sway frame, the columns of which (i.e. the 
masts) are themselves unbraced sway 
frames. The concepts of BS449, using effec· 
tive lengths and permissible stresses for the 
design of individual column elements, were 
not considered appropriate to demonstrate 
overall frame stability for such a structure , 
and therefore a ' first principles' assessment 
was made. 
The elastic critical load factors for the frame 
for sway and torsional modes were esti· 
mated using the methods of Horne1 and of 
Roberts2, assuming the floors of the 
building to be infilled to the fullest possible 
extent. The lowest elastic critical factor was 
estimated as 8.4 for sway in the east-west 
direction. It was intended that an amplified 
sway approach would be adopted for the 
design of the elements using design wind 
loads derived from the wind tunnel tests. In 
the event the statutory lateral loads were 
considerably larger than the amplified 
design wind loads, and the fina l justification 
was based on the nominal statutory loads. 
Construction analysis 
It was recognized from an early stage that 
the movements of the building due to the 
progressive application of load during con· 
struction would be an important factor in the 
achievement of an accurate final geometry 
of the building frame. The step-by-step con· 
struction of the building was simulated by a 
series of computer analyses using detailed 
skeletal models of the main frame at various 
stages of completion based on the full 
model described above. 
Deflections at all the key points on the 
masts and suspension trusses were ex· 
tracted from the ana lyses for each stage 
and written to independent databases for 
su bsequent processing by purpose-writ ten 
programs. The ana lysis enabled options for 
correcting the geometry of the frame during 
construction to be explored. 
Details of the construction stages and the 
use to which the results of this analysis were 
put are described in subsequent sections. 
Consequences of accidental loading 
Although the Hong Kong building regula· 
lions do not contain any mandatory re· 
quirements concerning accidental loading, 
the consequences of accidental or mali· 
cious damage to the structure were in· 
vestigated . The following aspects were in
c luded in the study: 
(a) Assessmen t of t he quan t ities of ex· 
p los ive necessary to remove particular 
members of the struct ure 

Fig. 24 
Layout of topographical model 

(b) Assessment of the ability of the structure 
to support overload caused by pressures 
due to an explosion (key element approach) 
(c) Assessment of the ability of the structure 
to withstand the notional removal of any 
primary member (alternative load path 
approach). 
The form of the building itself l imits the 
possibil ity for malicious damage since none 
of the vertical hangers, potentially the most 
vulnerable elements, is accessible from 
ground level and the outer zone hangers are 
not accessible from inside the building. The 
only elements accessible at ground level are 
the masts, and the configuration of four col
umns connected together strongly at each 
floor level is particularly robust ; one column 
(and, in many places, two columns) could be 
removed from a mast without causing col· 
lapse. 
The key element assessment was based on 
the accidental pressure of 34 kNlm2 

specified in the UK Building Regulations, 
although it is unlike ly that such pressures 
could develop in the large vo lume of each 
f loor space in this building. It was establish
ed that the vertical hangers could resist the 
load caused by the pressure acting over the 
floor area they support at any level. 
The notional removal of any single primary 
element has limited consequences. In the 
inner zones the removal of a hanger or truss 
member causes damage which is contained 
within the zohe in question. Alternative load 
paths were identified in which the loads 
could be sustained by bending of the floor 
beams without the need to invoke the addi
tional effects of catenary action. In the outer 
zones the substantial secondary structural 
elements , particularly the module and riser 
frames, provide a range of alternative load 
paths both across any ind ividual leve l and 
verti cal ly to undamaged zones be low. 

Wind tunnel testing 
Background 
The wind engineering study for this project 
is believed to be one of the most extensive 
ever undertake for a building project. Hong 
Kong is an area regularly subjected to 
typhoons, hence wind loading was a cruc ial 
factor in the design of both the building 
frame and the glazing and cladding . In addi
tion , it was recognized from the outset that, 
for such a tall and prestigious new building , 
it would be necessary to demonstrate at the 
design stage that its in-service perfor· 
mance, in terms both of occupant re-action 
to wind-induced sway and of environmental 
wind comfort , would be acceptable. 
The complexi ty of the Hong Kong terra in 



and the geometry of the building, coupled 
with the need for the best poss ible predic· 
lions, led to the adoption of wind tunnel 
testing as a primary tool in the wind engi· 
neering study. To this end the Boundary 
Layer Wind Tunnel Laboratory (BLWTL) of 
the University of Western Ontario, Canada, 
under the direction of Professor Alan Daven· 
port , was commissioned to undertake the 
study. This team has been involved in the 
design of a large proportion of the tallest 
buildings built in the last 20 years 
throughout the world. 

Hong Kong wind climate 
In order to obtain accurate predictions from 
the testing , a complete reassessment of the 
wind climate of Hong Kong was required . 
Hong Kong is subjected to a mixed popula· 
lion of winds. Typhoons are associated with 
the strongest winds and dominate the 
design of structures for strength and safety. 
However, they occur infrequently (on 
average three times a year) and non·typhoon 
winds which occur for the majority of the 
time are more relevant for the comfort· 
related aspects of the design. 
The evaluation of wind records from dif· 
ferent sites in Hong Kong is a difficult task 
because the complex topography causes 
substantial local variations in wind speeds, 
these effects varying with wind direction. 
Correlation between different sites was 
facilitated by the use of a large topo· 
graphical wind tunnel model of the Hong 
Kong area. 
In view of the variation in surface measure· 
ments the climate study attempted to de· 
velop gradient height wind climate models 
for typhoon and non·typhoon winds, where 
the gradient height is defined as a level suffi· 
ciently far above tne surface for topo· 
graphical changes to have no effect on the 
wind speed. 
The wind records at Wag Ian Island formed a 
particularly important part of the assess· 
men!. Located some 6 km off the south·east 
tip of Hong Kong , the island is small , expos· 
ed and steep sided, and the anemometer at 
the top provides reliable measurements for 
the full range of wind directions. The prob· 
lem of relating the measurements to grad· 
ient height was overcome by modelling the 
island in the wind tunnel (Fig. 22) in order to 
obtain corrections for the anemometer 
reading for each wind direction. The anemo· 
meter has been relocated three times since 
its initial installation and each position was 
calibrated . 
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Fig. 25 
Topographical model in wind tunnel 

Typhoon model 
The basis of the climate model for typhoon 
winds was a 'Monte Carlo ' simulation of 
typhoon occurrences in the South China 
Sea. This was undertaken to increase the 
database on which predictions could be 
made. The method employs a mathematical 
model of the gradient windspeed field as a 
function of primary parameters for a 
typhoon such as central pressure dif· 
ference, tracking speed, and direction. 
Statistics relating to these parameters and 
also to annual occurence rate and minimum 
approach distance to the site were eval· 
uated from historical records. 

The Monte Carlo method synthesizes a large 
number of typhoon events, the overall 
statistical properties of which conform to 
the historical data. The extreme value 
distribution for typhoon winds is then deriv· 
ed from the simulated windspeed records. 

The predictions were supported by extreme 
value analysis of typhoon windspeeds 
(suitably corrected) from Wag Ian Island. 

Non·typhoon model 
The non·typhoon model was based primarily 
on upper level data from the Kings Park 
Observation Station, again supported by 
records from Wag Ian Island. 
The results of the climate study are 
illustrated in Fig . 23. 

Topographical study 
Having established the gradient level wind 
climate for Hong Kong as a whole, a further 
study was undertaken to evaluate the ef· 
feels of the complex topography on wind 
speeds at the site of the Bank building. 
This was accomplished by testing a detailed 
1:2500 model of the Hong Kong area in the 
wind tunnel. The extent of the model is 
shown in Fig . 24. It was designed such that 
the central octagon could be realigned in the 
wind tunnel and the appropriate upstream 
and downstream sections incorporated for 
each wind direction , at 45° intervals. 
Measurements of the vertical profiles of 
wind speed and turbulence intensity were 
made for the central district of Hong Kong 
and also for other sites of interest , notably 
the surface anemometer sites (Fig . 25). 
From the study a total of five representative 
upstream wind categories were identified 
for the Bank site, and these are illustrated in 
Fig. 26. The strong influence of the sur· 
rounding topography in sheltering the site is 
apparent , particularly for winds from the 
south coming over the Peak. This is, of 
course, a direct reflection of the original 
reason for the founding of Hong Kong , 
whose sheltered harbour made an ideal 
resting place for ships to wait out typhoons 
and was the origin of the name 'Hong Kong ', 
meaning 'fragrant harbour'. 
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Fig. 27 
Proximity model 

Proximity model 
For the testing of detailed models of the new 
building it was necessary to simulate on a 
larger scale the wind profiles over the site 
which had been established from the topo· 
graphical study. 
For this a 1:500 'proximity model ' was con· 
structed containing a detailed representa
tion of all the surrounding buildings and 
other features within a 600m radius of the 
site. The proximity model was mounted on a 
turntable in the wind tunnel and the up
stream terrain modelled by 'blocking' as il
lustrated in Fig . 27. This was varied with 
wind direction to simulate the appropriate 
incident wind properties, and particular care 
was taken to match as closely as possible 
both the mean velocity profile and the tur
bulence properties of the wind stream as in 
dicated by the topographical study. 
The sensitivity of the measurements on the 
new building to changes in the local built-up 
environment was investigated by repeating 
measurements with hypothetical future 
develop.ments added to the proximity model. 

Surface pressures model 
The peak external pressures and suctions 
on the surface of the building were in
vestigated using a 1 :500 scale rigid model 
instrumented with 520 pressure taps . The 
model faithfully represents the complex 
geometry of the full-scale building, and its 
construction required a very high degree of 
accuracy, as illustrated in Fig . 28. 
This model of the building was tested in the 
'proximity model ' for the incident winds at 
10° azimuth intervals. The peak pressure 
and suction coefficients found for each 
direction were integrated with the! direc
tional probabilistic wind climate models to 
predict the 100-year return period pressures. 
This study showed that the statutory design 
wind pressures for cladding would be ade
quate and indeed conservative for this 
bu ilding, even after allowance was made for 
internal pressures and for the variability and 
uncertainty inherent in the predictions. 
Force balance study 
While the rigid pressure model could be 
used to provide estimates of the mean hour
ly load on the building as a whole by integra
tion of local pressures over the surface, the 
uncorrelated nature of local peak pressures 
prevented such an integration being carried 

14 out for overall peak dynamic loads. 

An aeroelastic model study was considered , 
but it was not undertaken because of both 
time constraints and the difficulty in con· 
structing a model that would represent 
accurately both the geometry and the 
dynamic properties of the proposed 
building. Instead the force balance tech
nique was adopted to measure the fluc
tuating aerodynamic loads at the base of a 
rigid model of the building. The dynamic 
response was then calculated by model 
methods, a computer model rather than a 
physical model being used to simulate the 
dynamic properties of the building. 

A light rigid foam model at 1 :500 scale pro
vided by the architect was mounted on 
BLWTL's five-component dynamic base 
balance at the centre of the proximity model. 

Tests were carried out at 10° azimuth inter
vals to determine the mean-hourly and flue· 
tuating r.m.s. v'alues of the five base 
aerodynamic force components. Spectra of 
the fluctuating loads were measured at key 
azimuths. The variation of base aero
dynamic moment with azimuth is illustrated 
in Fig . 29 and a typical spectrum (as 
measured, model scale frequen cy) is shown 
in Fig. 30. The analysis of these measure
ments to predict the dynamic performance 
of the bu ilding is described later. 

Environmental tests 
The investigation of the wind environment 
around the build ing became a major area of 
study. Preliminary experiments had confirm
ed the likelihood of a strong flow of wind 
through the open space at the base of the 
building resulting from the pressure dif
ferential between the windward and leeward 
faces. A number of possible aerodynamic 
ameliorative measures were investigated by 
means of a series of wind tunnel tests . 

A 1 :200 model of the base of the build ing was 
constructed , and the flow patterns pre
viously found using the 1:500 pressure
tapped model were simulated at this larger 
scale. Various arrangements of canopies 
and partial closures of the plaza area were 
investigated in an interactive design pro
cedure with the architect. Extensive in
vestigations were also made of the feasi
bility of jet curtains at the north and south 
ends of the plaza opening to control the flow 
of wind below the building . 

Fig. 28 
Surface pressures model 
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North-south aerodynamic 
moment coefficients 
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The final approach was to provide partial 
downstand ing glass walls from level 3 to 3m 
above the plaza level. These will afford con
siderable additional protection to the area 
beneath the build ing. 
The environmental test results were judged 
by comparison w ith wind tunnel tests on the 
environment around a model of the existing 
Bank building. The knowledge of the actual 
condit ions that had existed around the 
building was used to calibrate the wind tun
nel test results. 
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Dynamic analysis 
Modelling 
A dynamic analysis was performed to pre
d ict the natural period of vibrat ion of the 
build ing and the correspond ing modal pro
pert ies for use in the dynamic response 
calculations . A large skeletal finite element 
model was considered unnecessarily cum
bersome for this purpose and a simpler 
model was adopted . 
The building conveniently divides into five 
zones, each with a characteristic mass 
d istribut ion , as can be seen from the eleva
tions (Figs. 4 and 5). The build ing was 
therefore idealized to a five lumped mass 
system , each mass corresponding to one 
zone and having three degrees of freedom 
(two horizontal translations plus twist about 
the vertical axis). 
A flexibility matrix for the centres of mass 
was obtained by analyzing the fully detailed 
skeletal fin ite element model , described 
previously, under a series of unit loads. The 
magn i ficat ion of sway by P-6 effects was 
allowed for by increasing the terms of the 
matri x globally by the appropriate factor . 

The mass matri x was assembled d irectly 
and the 15 degree of freedom eigensolut ion 
was obtained using a smal l purpose-written 
program. 
Fig . 31 shows the modeshapes and periods 
of the fundamental modes obtained in this 
way. It can be seen that the eccentric mass 
distribution causes significant coupling be
tween translation and torsion , particularly in 
modes 2 and 3. 

Calculation of dynamic wind responses 
The dynamic responses of the building to 
wind were predicted by a modal analysis in 
which the wind tunnel force balance mea
surements were combined with the pre
dicted dynamic properties of the building. 
The force balance measurements take the 
form of mean and r.m.s. fluctuating aero
dynamic force components of x and y base 
shear, x and y overturning moment, and tor
sion , for the full range of wind directions. As
measured spectra, such as illustrated in Fig . 
32, were smoothed for noise and corrected 
for mechanical resonan ces and electrical 
filtering characteristics before being used in 
response predictions. 
Calculations to predict the dynamic 
responses were based on the principle that 
the mode-generalized forces were propor
tional to the overturn ing moment and torque· 
measured in the wind-tunnel tests . For 
translational modes th is holds, provided 
they are approxi mately linear in elevat ional 
shape, wh ich was reasonably so. The mode
generali zed torque is str ictly only propor
tional to the measured torque for a rigid 
body torsional mode, and this is a less 
realist ic assumption for the build ing than 
that o f linear elevati ona l modes. However, 
the assumption is conservative and was suf
ficiently accurate for the purpose. 
The mode-generalized forces so defin ed 
were obta ined in terms o f the mean, r.m. s. 
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fluctuating and spectral components of 
measured base moments, to determine the 
mean , background r.m.s., and resonant 
r.m.s. components of the required re· 
sponses. The fluctuating contributions from 
the three fundamental modes were con
sidered to be uncorrelated when combined . 
In mak ing these predictions a sensitivity 
analys is of the changes in response assoc i
ated with variation in certain key parameters 
(e.g. damping) was undertaken . This work in· 
eluded the results of research into the 
measured response of as-built structures 
subjected to wind , seismic , and nuclear 
loading. (The analysis procedures are 
described in more detail in reference 3.) 

A computer database was then generated 
containing deflection and acceleration 
responses and base loads in mean, back
ground, and resonant components for 15° 
azimuth intervals and wind speeds at 2 m/s 
increments. These components were com
bined to form responses of design interest 
(e.g. peak base shear force, resultant peak 
acceleration) and plotted as shown in Fig. 
32. 
Probabilistic predictions 
Having established response/azimuth/wind 
speed relat ionships the wind cl imate 
models were introduced into the calcula· 
lions in order to make predictions of the fre
quency with which chosen response levels 
were exceeded. 
To illustrate the procedure, from Fig. 32 it is 
possible to establish for each azimuth the 
value of gradient windspeed V

9 
required to 

cause a specific response level to be ex
ceeded , and Fig . 23 shows the number of 
hours/year that V

9 
values are exceeded (by 

azimuth) in the typhoon and non-typhoon 
models. A further program therefore carried 
out a ' round the clock ' integration for those 
responses of design interest , thus gener
ating a second database containing the 
number of hours/year that specific response 
levels are exceeded. 
Data of this form was used as the starting 
point for assessing peak dynamic loads, 
fatigue effects , and occupant comfort con
siderations. 
Peak dynamic loads 
The results of the directional wind climate 
integration for peak shear forces and 
moments were converted to return-period 
format as illustrated in Fig. 33. 
The derivation of design loads from wind 
tunnel test measurements that are compat· 
ible with the level of safety imJ;>lied by tradi· 
tional Code of Prac t ice wind load assess
ments is a complex area and was examined 
care ful ly. In particular, decisions had to be 
made on how the reference or 'character
istic' load effect should be defined and on 
what partial factor to apply to the chosen 
characteristic value to achieve an appro· 
priate level of safety and rel iability . 
In making these decisions due allowance 
had to be made for: 
(a) The variability in th e expec ted load effec t 
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due to the inherent variability of the wind 
climate and the random nature of wind 
loading 

(b) Cumulative uncertaint ies in response 
prediction due to uncertainties in the 
accuracy of: 

• wind climate models 
• wind tunnel test simulations 
• structural properties 
• modal analysis 

A full discussion of how these were 
approached is contained in reference 3. 
The conclusion of the investigation was that 
the design loads derived from the wind tun· 
nel test measurements and climate study 
were significantly lower than the statutory 
design loads derived from the Hong Kong 
Wind Code. Unfortunately, the tight design 
programme and the need to release informa
tion for construction did not allow time to 
negotiate a reduction in the design wind 
load for the building with the statutory 
authorities. The building was therefore 
designed in strength terms to resist the full 
statutory load . 
Certain savings in steel weight in the main 
frame, where elements had been sized to 
enhance the lateral stiffness, were, how· 
ever, possible in the light of the favourable 
dynamic performance of the building as in· 
dicated in the following sections. 

Fatigue effects 
The fatigue load on the building was 
estimated by assuming that the overall 
response of the building could be idealized 
as a narrow banded random process. Under 
th is approximation, the amplitudes of the 
dynamic response follow a Rayleigh dis
tribution and the cycling rate is equal to the 
natural frequency of the building. 
The calculation of fatigue load involved the 
following steps: 
(a) Evaluation of the number of hours/year 
that given levels of r.m .s. fluctuating 
responses are exceeded , utilizing the in
tegration of the wind climate models with 
the dynamic responses predicted by modal 
analysis 

(b) Calculation of the amplitudes with in 
each r.m.s. level accord ing to the Rayleigh 
distribution 
(c) Calculation of the number of cycles of 
response/year fo r which each amplitude is 
exceeded. 
The fatigue lives of the most critical com
ponents of the building frame were esti 
mated, us ing fracture mechanics techni 
ques, to be of the order of 10,000 years . This 
long life is not surprising when it is taken 
into account that: 

(a) The structure was designed and detailed 
to resist the statutory wind loads, which 
were found to be conservative in this case; 

(b) Peak dynamic loads are assoc iated with 
strong typhoons which occur infrequently; 
the non-typhoon c limate is comparatively 
mild. 
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Occupant comfort 
The predictions of peak resultant accelera
tion at the top floor of the building are shown 
in Fig . 34, together with the acceptance 
criteria proposed by Davenport 4, the 
National Building Code of Canada 5, and the 
draft international standard ISO/DIS 68976. 

It can be seen that the expected perform
ance of the building under non-typhoon 
winds is very good and will be satisfactory 
even in typhoons, when in fact most people 
leave their offices and such stringent 
criteria are no longer applicable. 

*--- NBCC recommendation for off ices 
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Fu/I-scale monitoring 
It is intended that the wind responses of the 
completed building will be monitored. The 
design of the instrumentation system is cur
rently being finalized ; measurement of wind 
speed and direction, together with accelera
tions near the top of the building, will be 
recorded . The results will enable the natural 
frequencies, damping ratios, and dynamic 
response of the building, to be measured 
directly and so add further to the full-scale 
information that gives confidence in the 
state-of-the-a rt methods employed in pre
dictions such as those described here. 
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Prototype testing 
Introduction 
The testing to destruction of full-scale 
prototypes was used to provide the design 
team and the client with the ultimate assur
ance of the performance of important 
elements of the building . This approach also 
was fundamental to the design process 
adopted for this project , which made much 
use of models , mock-ups, and then proto
types of production elements. 
The main frame structural steelwork pro
totypes consisted of four typical key details, 
illustrated in Fig. 35. The concept was to 
fabricate the test pieces using the pro-

Fig. 41 
Node fabrication 



cedures set down for the production ele
ments and then to load them as nearly as 
possible with the expected design forces, 
firstly in the working load range and then to 
destruction. Although the tests were intend
ed primarily to confirm final designs, in 
some instances alternative details were 
tested and the final design decisions taken 
in the light of the test results. 
Apart from demonstrating the validity of 
design calculations , the prototypes also 
made it possible to obtain information on 
performance and constructability that could 
not have been obtained easily, if at all , from 
mathematical analysis. Examples of such 
information are: 

(a) Permanent deformations at working 
load, which are influenced by residual 
stresses, tolerances, and fit-up 

(b) Serviceability of components after over
load 

(c) Post-elastic behaviour and ultimate 
strength, which are difficult to assess for 
details with a high degree of indeterminacy 

(d) Potential problems associated with 
fabrication and site erection. 

The tests were carried out using the British 
Steel Corporation 's 1250T Avery test 
machine at the Britannia Works , Middles
brough. This machine was built in the 1920s, 
originally to test prototypes of elements for 
the Sydney Harbour Bridge. 
The following sections outline the scope 
and objectives of each main frame prototype 
test and the results that were of particular 
interest. All the test pieces were instru
mented with strain gauges, deflection trans
ducers, and brittle lacquer coatings, to give 
detailed measurements for subsequent 
back-analysis . 
While the most important structural pro
totypes made were of the main frame steel
work, prototypes were also manufactured of 
the service module structure, the glazed sof
fit , the prefabricated steel stairs, and the 
connecting walkways across the atrium, 
although these were generally not tested to 
destruction or instrumented as extensively 
as those of the main frame. 

Prototype P1 : Vierendeel beam/column 
subframe 
The Vierendeel beam/column subframe of 
the main masts is one of the primary 
building blocks of the structure. For this pro
totype two identical test pieces were 
fabricated and tested 'back to back' as 
illustrated in Fig. 36. The loading arrange
ment simulates the effect of wind shear on 
the masts. 

The pieces were representative of the mast 
construction at the upper levels of the 
building; the column was 900mm in diameter 
x 40mm thick , the beam flanges were 25mm 
thick and the webs 12mm. 
The test sequence started with three cycles 
of loading to 1.2 times the design working 
load in order to effect a shakedown of 
residual stresses. On first loading, yield 
strains were reached locally well below the 
working load. However, on the third load 
cycle, reasonably linear behaviour was 
observed in all the transducers up to the 
proof load. 
The test was intended to verify the overall 
elastic sway stiffness of the subframe, and 
its ultimate strength, and to investigate the 
local stress concentrations at the column
beam junction. 
Moire fringe photography was used in addi
tion to deflection and strain gauges to 
estimate the deflections of the subframe. 
This technique utilizes photographs taken 
of the surface of the test piece, which is 
covered with a paper having a fine and 

regular pattern of dots. Interference fringes 
occur when photographs taken at different 
load steps are superimposed; the deflec
tions are calculated from the positions of 
the fringes. This method proved successful 
for the haunched beams and the centreline 
of the column, but it did not prove possible 
to evaluate the distortions around the cur
ved surface of the column . 
The elastic sway stiffness of the subframe 
was found to be within 5% of the stiffness 
predicted by the simplified 'equivalent pro
perties' method used for the main frame 
analysis. A detailed finite element back
analysis was also performed, and this is 
describe-d in more detail later. 
The ultimate strength of the subframe was 
reached at 2.75 times the design working 
load. Failure occurred by inelastic buckling 
of the beam flange induced by the change in 
direction at the end of the central parallel 
section, as seen in Fig. 37. 
Prototype P2: screwed hanger couplers 
With little practical building experience 
available in the use of large threaded 
couplers, prototype P2 was set up to 
examine the performance of two different 
thread forms (an Acme thread and a Unified 
thread) and the effects of reducing the 
engagement length from one diameter to 
0.87 diameters. The effects on the connec
tion of non-concentric loading of the 
hangers was also investigated, together 
with possible site erection problems, in
cluding assessment of the torque required 
on the coupler to assemble the connection . 
Two test pieces were fabricated , each con
sisting of 250mm diameter, 30mm-thick 
tubular hangers with their couplers. The 
arrangement is illustrated in Fig . 38. Detail 
ed pre- and post-test metrology was under
taken, including the making of plaster 
replicas of the thread forms. 
A series of tests was carried out with the two 
prototypes loaded in axial tension . The con
clusions were as follows : 

Both thread forms performed satisfactorily 
and gave a connection that was stronger 
than the tube sections being connected. 
Both couplers could be unscrewed and 
appeared undamaged after testing to the 
ultimate load of the tubes. The Acme thread 
was selected for the production elements 
because of its greater resistance to hand
ling damage. 
Reducing the coupler engagement to 0.870 
did not cause the connection to fail 
prematurely. 
A nominal eccentric ity of loading of 25mm 
affected local first yield in the tube wall but 
did not reduce the ultimate axial resistance 
of the connection . 
It was found to be very difficult to turn the 
coupler to form the connection unless the 
two hanger components were very accur
ately aligned . It was found to be much easier 
to do this with the hangers in the vertical 
position rather than horizontal , and it was 
decided to use this orientation for site 
assembly. 
Prototype P3: bearing truss connection 
The suspension truss members are con
nected to the masts and to each other using 
radial spherical plain bearings as previously 
described, and prototype P3 was set up to 
examine the following features: 

(a) The overall performance of the spherical 
bearing and pin 

(b) The stiffness of the connection 

(c) The degree of permanent deformation 
developed at working load, which would in
fluence the 'play' in the connection as 
members underwent reverse cycle loading 

(d) Problems likely to be encountered during 
fabrication and erection. 

A typical bottom-boom-to-mast connection 
was selected for the test, consisting of a 
central tongue plate containing the bearing 
connected to the forked end of the boom by 
a solid pin, as shown in Fig. 39. The tests 
revealed high strains around the perimeter 
of the holes in the central and outer plates 
on first loading due to the bedding-in of the 
spherical bearing and the pin. The play in the 
joint was examined at stages by releasing 
the machine tension and applying a nominal 
compression load, measuring the relative 
deflections between the two sides of the 
joint. The play was found to increase from 
0.4mm after 35% of the full design load had 
been applied, to 0.8mm after 120% had been 
applied. 
The ultimate load was found to be 2.3 times 
the full design load. At this stage the hole in 
the central plate had elongated by some 
?mm. After the test the spherical bearing 
was removed and found to have been vir
tually unaffected by the ultimate load of the 
connection. The pin had suffered a small 
amount of permanent deformation. 
The high local stresses found on first 
loading were probably associated with 
initial out-of-alignment of the holes in the 
outer plates, which had been noted in the 
pretest metrology. This was attributed to the 
fabrication procedure which was therefore 
changed for production elements so that all 
welding was completed before the final 
machining of the holes. 
A design detail was also modified. Small re
taining plates had been welded to the pro
totype to retain the spherical bearing within 
its hole. A bolted detail was adopted in the 
production elements to prevent the possible 
introduction of defects, embrittlement , and 
stress concentrations, due to welding in the 
area of high strain around the hole. 

Prototype P4: north-south cross bracing 
The P4 prototype represents a typical con
nection between a north-south cross brace 
and a mast. Elements representative of the 
upper zones of the building were tested . The 
column was 800mm in diameter and 40mm 
thick; the thickness of the tongue plate was 
100mm and that of the diaphragm 80mm. 
The principal intentions were to identify 
stress concentrations at the structural 
discontinuities in the detail and to verify, in 
conjunction with finite element analysis, the 
force actions assumed in the design of the 
highly indeterminate welded connections 
between the massive tongue plate, the three 
internal diaphragms, and the column tube. 
Fig . 41 shows the total components forming 
this connection and illustrates the complex
ity of the junction. 
In the compression test the column was 
prestressed using eight Macalloy bars 
around the outside perimeter. It was only 
possible to take the compression test to 1.14 
times the maximum working load, corres
ponding to the safe limit for the Macalloy 
bars. No signs of distress were observed at 
this load. 
The bending test was taken to 2.97 times the 
maximum working load, this being the maxi
mum safe capacity of the test machine. The 
test piece was still capable of taking further 
load but was approaching its ultimate load, 
as inelastic buckling of the column outside 
the stiffened tongue plate zone had begun. 

Back-analysis 
Back-analysis of the prototype tests was 
carried out as a supplement to the tests in 
order to examine more fully particular areas 
to which it had not been possible to gain 
access on the prototypes with strain 
gauges. 
Detailed finite element models of the P1 and 
P4 prototype tests were therefore set up to 
simulate the elastic behaviour in the tests , 17 



Fig. 42 
Finite element mesh for P1 prototype 

giving a complete picture of the stress pat
terns and deformations which it had been 
possible to sample at only specific points on 
the prototypes. 
The meshes for the two models are illus
trated in Figs. 42 and 43. The models are 
composed of combinations of eight·noded 
quadrilateral and six-noded triangular facet 
shell elements, modelling bending and 
membrane actions. In areas where the no
tional span-to-thickness ratio of the plates 
was small , elements were used which , in 
addition, modelled through-thickness shear 
deformation. 
The use made of back-analysis is described 
below for the P1 prototype model. 

Overall deformations. The simulated deflec· 
tions of the P1 prototype test loading are 
shown in Fig . 44. Analysis of the fin ite ele
ment predict ions ass isted in resolving dif
ferences between predictions for overal l 
sway made from different measurements on 
the prototype. The finite element model gave 
very close agreement with the Moire fringe 
deformation patterns for the haunched 
beams and the centreline of the column, and 
also for the direct diagonal measurements 
between the tip of the column and the beam. 
Measurements from transducers mount"ed 
on an independent frame agreed less well , 
and this comparison tended to confirm an 
observation that the frame had moved dur
ing the test. 
Local stress concentrations. Fig . 45 shows a 
section through the junction between the 
beam flange and the column . The top and 
bottom fibre principal stresses are plotted 
as found by the full finite element analysis 
and by a plane stress sectional analysis. The 
results from strain gauges at four locations 
on the prototype are illustrated for com
parison. This gave confidence in the finite 
element representation and enabled the 
worst stress concentrations in the area to be 
predicted . 

Corrosion protection and fire protection 
Requirements 
The all -steel superstructure frame of the 
building required systems for fire and corro
sion protection which would satisfy the 
client ' s requirements for a 50-year design 
life, including those elements of the building 
that are effectively external , while being 
suitable for application on complex member 
geometries and compatible with the site 
erection procedures. Although the building 
is fully air-conditioned, signif icant inten
tional down-time, e.g. at weekends , was also 
to be allowed for in the design. 
Fire-rating was set at 2 hours for all primary 
superstructure, with a 1 hour rating on the 
staircases. Statutory regulat ions required 
only a 2 hour floor fire-rating in the super
structure for those floors immediately above 
and below the suspension trusses, with a 1 

18 hour rating on intermediate floors. The 
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Fig. 43 
Finite element mesh for P4 prototype 

client , however, decided to extend the 2 hour 
rating to all floors both for insurance advan
tages and to allow total flexibility in the loca
tion of fire-rated document storage rooms . 
Fire-rating in the basements is 4 hours. 
The building is fully sprinklered with exten
sive fire detection systems, and the glazed 
staircases are provided with an external 
drencher system. Halon protection is also 
provided in some areas. 
Corrosion protection: external system 
Extensive research showed that paint -based 
corrosion protection schemes could not be 
relied on to provide the required longevity for 
the external areas of the main frame steel
work , in a situation where inspection 
generally could not be carried out and 
maintenance would be extremely difficult. 
This led to the adoption, in principle, of a 
cementitious·based protection system. 

Fabrication of N ib-flange connection 

Full model centreline representation 

T-~,-
I I 
I I 

- .J' ~----

'----, 
I 
I 

_l_--1,-- L 

Pla ne st ress sectional model 

500 

1 ,oo 

~ 300 Top fibre 

j ' ~ 
200, 

~ 

100 

~ z 100 
0 

~ 200 

i 
" 

- Plane stress model 

- -- Centre I ine model 
- Stress gauge result 

Predicted extreme fibre stresses 

Fig. 45 
P1 prototype stress concentration study 

Fig. 44 
P1 prototype analys is deflect ions 

Although a traditional coating of 50mm of 
concrete was considered suitable in corro
sion protection terms , i t presented severe 
problems in terms of weight , dimensions, 
and application to the shapes involved. An 
alternative was therefore developed by the 
addition of a polymer, styrene butadiene 
rubber, to an otherwise normal sand-cement 
mix. This material , which became known on 
the project as CBC (cementitious barrier 
coat), has excellent water vapour perme
ability properties, such that a 12mm layer 
ensures corrosion protection equivalent to 
that provided by 50mm of concrete. 

For ease of application on the varied 
shapes, and to ensure good compaction , the 
material was gun-applied in a similar man
ner to traditional gunite. Comprehensive 
test programmes were carried out both to 
confirm the performance of the material and 
to establish application procedures in con
junction with the contractor. The system 
finally adopted was to blast clean the steel 
before application, followed by a high
pressure water wash to remove salt con
tamination . CBC was then applied in two 
6mm layers, with 12mm-long melt-extract 
stainless stee l fibre reinforcement (5% by 
weight) in the lower layer. 

Application was generally in two phases, 
with the bulk of the material applied in an 
off.site yard , leaving areas around site 
joints, temporary fixings, etc ., to be applied 
on site. Handleability of the material proved 
to be good, with only small areas of damage 
due to handling of the large mast elements. 

In the early stages of the site work, rather 
more was actually applied on site than had 
been intended, partly because of difficulties 
in the start-up of off-site application and 
also because of the areas of leave-offs re
quired for subsequent attachments and 
temporary fixings being greater than had 
been anticipated. This caused problems in 
regard to both operations and programming . 
The situation improved considerably as the 
subcontractor became more familiar with 
the system at higher levels of the building. 
To achieve a level of protection at the pinned 
joints equivalent to the external scheme, a 
system was developed with the contractor, 
consisting of a proprietary rubber g3sket 
with an outer silicone sea l. Thus protected, 
the bearings themselves are maintenance
free. 
Corrosion protection: internal system 
The system of CBC was originally intended 
for use on the external steelwork only. A 
paint-based scheme had been specified for 
the internal elements of the main frame and 
galvanizing for the internal floor steelwork. 

Once the facilities to apply the CBC had 
been established, however, it became cost
effective to use the same system on the in· 
tern al as well as on the external elements of 
the main frame. 



In such instances the use of CBC repre
sented an overspecificatiorJ , and for some 
internal main frame elements, where· other 
considerations prevailed (principally , hang
ers and truss members) , a paint-based 
scheme was adopted. Considerable advan
tage could here be gained by blast cleaning 
the steelwork off-site but not applying the 
paint until after erection. Products su itable 
for application over lightly rusted , blast 
cleaned surfaces were therefore investi
gated , and an aluminium-filled epoxy paint 
was finally selected . The elements were 
coated with a basic primer off-s ite after 
blasting and subsequently hand-prepared 
by wire brushing and water washing on site 
prior to application. 

The floor beams, both primary and secon
dary, were galvanized and chromated in the 
UK prior to shipment. In practice, because of 
the high silicon content of the base metal , 
coatings well in excess of the minimum 
thickness specified were achieved, at the ex
pense of slight problems with brittleness of 
the coating . This required a higher than ideal 
level of touch-up, which was carried out 
using a zinc-rich chlorinated. rubber paint. 

The chromating treatment was both to 
minimize the risk of white rusting during 
transit and to allow for the occasional areas 
of overlap, where the external scheme of 
CBC was to be applied over the galvanizing. 
This occurred where part of a member was 
internal and part external, it not having been 
practicable to galvanize only a portion of a 
member. The joints between the galvanized 
beams were made with sheradized friction 
grip bolts. 
Away from the main steelwork the same 
basic requirements for corrosion protection 
applied, but the actual schemes used varied 
considerably because of both the experi
ence and capabilities of the individual con
tractors and the types , locations, and visual 
requirements of the elements. Galvanizing 
or flame-sprayed zinc formed the basis of 
most schemes, sometimes overcoated with 
further paints to achieve the required level of 
protection and aesthetic finish. 

Fire protection 
Fire protection to the main frame elements 
is provided by a ceramic fibre blanket fixed 
to a stainless steel mesh wrapped around 
the member. The system was adopted 
because of its great flexibility in application, 
enabling even the most awkward geo
metrics to be covered easily. The system 
was tested to 85476: Part 8 in a full-scale 
test on a section of mast, including the ex
ternal corrosion protection layer of CBC. 

This fire protection system was used on all 
elements to which the external corrosion 
protection system had been applied. Inter
nal floor steelwork was fire-protected using 
a proprietary board system, and a sprayed 
vermiculite system was applied to the under
side of the floor slabs to provide the 2 hour 
rating. 
lntumescent coatings were used on some 
visually exposed elements, notably stair
cases and mullions, where their final 
appearance was preferred and the sizes and 
locations of the members made a board or 
sprayed solution impracticable. 4mm and 
6mm th icknesses were used for 1 hour pro
tection, and in a few locations a 13mm layer 
was used to give a 2 hour rating. A fire test 
was also carried out on a stair to assess 
both the performance of the intumescent 
coatings and the inherent fire rating of the 
structural arrangement. 

The reinforced concrete substructure slabs 
were so detailed as to achieve the required 4 
hour rating , while the fire protection to the 
basement steel columns was provided by 
the precast concrete casing . 

Ancillary structures 
Glazed soffit to level 3 
The Banking Hall atrium is sealed at its base 
at level 3 by a curved clear-glazed soffit 
spanning 21 m across the central bay of the 
building (Fig. 46). The structure consists of 
steel cable-stayed catenary beams at 2.4m 
centres, with the typical section being a 
250mm-deep fabricated · 'V' (Fig. 47). The 
glazing lies on the catenary surface and con
sists of two sheets of clear glass in 
aluminium frames spanning between the 
beams, the top sheet being 10mm thick 
toughened and the lower 12mm thick 
laminated. 

The catenary action is broken by the 
penetrations of the escalators which pass 
through the glazed soffit to form the main 
entrance to the Banking Hall , and here the 
loads are carried by trimmer beams. These 
use the typical curved member as a bottom 
chord, with a horizontal twin-boom 
Vierendeel top chord and vertical bracing in 
between. 
After fabrication , the first catenary beam 
was erected with its cable stays at the works 
and fully loaded, and its deflected profile 
was then accurately measured. The stiffer 
trimmer beams at the escalators , which are 
simp le spanning members, were fabricated 
to meet this deflected profile so as to ensure 
that the installed soffit had a regular shape 
with no discontinuities. 

Fig. 46 

Fabrication of the structure and glazing 
frames was carried out in Austria, and the 
beams were delivered in three sections and 
joined on site using internal connectors to 
maintain their smooth profile. 
Service modules and risers 
One of the fundamental concepts for the 
building was for as many components as 
possible to be prefabricated so as to take 
advantage of factory control techniques and 
to speed construction. One of the most com
plete prefabrication contracts was for the 
service modules, which contain all of the on
floor air-handling plant and toilets in the 
superstructure. The modules were fabri
cated and completely f itted out in Japan , 
and full plant test ing and commissioning 
were completed before delivery of the units 
to site. 
A total of 139 modules is provided in the 
building; four modules service each floor at 
the lower levels, reducing to two at the upper 
levels where the building plan reduces (Figs . 
7 to 9). The modules are independent struc
tural boxes spanning between connections 
to the outer hangers and inboard floor beam 
supports, and each module measures 9.6m 
or 12m long by 3.6m wide by 3.9m high. Their 
design required full spatial integrjition of 
architectural planning, services routes , 
plant equipment and access, together with 
coordination of the structural support 
frame, external wall , acoustic lining, and fire 

Glazed soffit to level 3 (Photo: The Hongkong Bank) 
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protection. The detail design was developed 
by the contractor in conjunction with the 
design team using model studies, full size 
mock-ups, and prototypes. 
Initial design solutions for the module struc
ture included stressed skin boxes. These 
were found to have severe drawbacks, 
however, including difficulties in fire protec
tion and in forming the many penetrations 
required . The final structural solution 
adopted was a simple steel trussed box with 
lightweight steel deck floors. 
The installation weights of the modules 
were generally between 30 and 40 tonnes , 
although special modules at the top of the 
building containing the boilers and standby 
generators had installation weights of up to 
50 tonnes. Road transport restrictions 
limited delivery of the modules to the site to 
night hours, and the construction pro
gramme allowed only a 1 hour period of 
craneage hook time to lift each module from 
the low-loader to its final position on the 
building. The modules were lowered onto 
levelling jacks supported on the module 
below to enable f inal adjustments and con
nections to be made after releasing the 
module from the crane. 
Included in the modules contract was the 
prefabrication of the vertical service risers 
for the building . These are located adjacent 
to the modules and the stairs and contain all 
of the vertical services distribution for the 
building. The services were prefabricated in
side steel frames two and three storeys 
high, thus minimizing the number of connec
tions on site. A total of some Bkm of riser 
frames was installed in this way. 

Cladding and curtain walling 
Visual expression of the building's structure 
is a fundamental architectural considera
tion. Early studies included extensive 
investigations of various methods of pro
viding corrosion and fire protection to fully 
exposed external steel members which 
would then remain unclad. Possible corro
sion protection solutions included the use 
of weathering steels and corrosion-resistant 
steels. The use of molecularly bonded 
stainless-clad steel was also investigated in 
detail , but there were significant technical 
difficulties in the material development. Fire 
protection studies for these schemes in
cluded intumescent coatings, flame shield
ing, and water filling. It was concluded at 
that time that such total exposure of a large 
structure would be impractical given short 
timescales available, and the solution was 
adopted whereby the structure would be ful 
ly expressed, but clad. 
The design of the various cladding and cur
tain walling systems is complex . in addition 
to the stringent visual criteria , the varying 
plan geometry of the building and the exo
skeletal structure create a great number of 
different details and many penetrations 
through the curtain walling . 
Having established the criteria for 
appearance, form , and structural perfor
mance, the design of the curtain walling 
systems was developed through the evalua
tion of models , mock-ups, and prototypes, 
with the design team working in close 
cooperation with the contractor in Hong 
Kong, London, and at the fabrication works 
in the USA. 
The typical curtain wall consists of storey
height 12mm-thick fully tempered clear 
glass between vertical aluminium mullions. 
The mullions are suspended from each floor 
via sand-cast aluminium brackets, with a 
vertical movement joint at the junction to the 
mullion below. The typical mullion is stif
fened by the addition of a Vierendeel truss to 
span the double-height floor spaces. 
The cladding to structural members com-

20 prises 6mm-thick aluminium sheets with ex-

truded aluminium edge sections and stif
feners which are plug-welded to the sheet. 
The cladding panels are fitted to the struc
ture by bolting to prefixed stainless steel 
channel sections, which are fixed onto 
stainless steel studs welded onto the steel
work. A layer of cement-impregnated tape is 
located between the channel and the carbon 
steel structure and a silicone seal applied 
around the heads of the connecting studs to 
prevent bimetallic corrosion. 
The service modules and risers are clad in 
aluminium, laminated honeycomb panels. 
All of the external and visible aluminium sur
faces received a sprayed, pigmented (onyx 
grey), fluoropolymer finish , applied at the 
works before shipment , which gives the 
building its final appearance. 
The stair shafts are fully glazed using struc
tural silicone sealant to secure the glass to 
the internal mullions. All such structural 
silicone was applied in controlled en
vironmental conditions. Particular attention 
was paid to surface preparation and clean
ing, and regular sample adhesion testing 
was carried out. 

Steelwork fabrication 
Preproduction 
The fabrication and erection of the whole of 
the superstructure main frame and the con
crete floors was let as one contract , which 
also included provision of the main cranes 
for the site. 
Before fabrication commenced, detailed 
assessments were made with the steelwork 
contractor of alternative details and 
fabrication and erection procedures, to 
ensure that as fast a construction 
programme as possible could be realized 
commensurate with maintaining the 
required high quality standards. Every effort 
was made to maximize prefabrication so as 
to obtain the benefits of fabrication shop 
conditions in both quality and dimensional 
accuracy; within the constraints of handling 
weight and shape the elements to be erected 
on site would be as large as possible. 
The organization of the total project into a 
series of separate construction 'packages', 
e.g. steelwork, cladding , ceilings, etc., re
quired that each section of the work be 
erected to tolerances compatible with the 
fixing adjustment being provided in the 
follow-on contractors' works. The dimen
sional acceptability of the main frame and 
floors was therefore strictly specified in 
terms of interface tolerances at handover to 
other trades. Before finalizing construction 
details the steelwork contractor then under
took an extensive review of the proposed 
fabrication processes and erection 
sequence to determine the elemental toler
ances necessary to ensure that the erected 
structure would be within the specified 
overall tolerances. 
Materials 
The principal steel type used in the masts 
and trusses was equivalent to BS4360grade 
500 with high fracture toughness proper
ties. A modified grade 500 steel with good 
through-thickness tensile properties was 
used where details resulted in stresses in 
that direction , and grade 430 was used in 
elements where stiffness, rather than 
strength, determined member properties. 
Crack-tip opening displacement (CTOO) 
testing was used to demonstrate toughness 
characteristics initially, and Charpy V-notch 
testi ng subsequently employed as a control 
test during production. 
Steel in floor beams was generally grade 
50C. 
Fabrication 
Masts were fabricated as four separate 
elements typically 7.Bm high, each element 
consisting of a column section (known as a 
'tubular') with four half-beams attached as 

Fig. 48 
Mast fabrication 

illustrated in Fig . 48. The maximum weight 
of these elements at the base of the building 
was approximately 46 tonnes. 

The tubulars were fabricated from open
ended 'cans' welded to diaphragms which 
coincided with the flanges of the haunched 
beams. This arrangement enabled the ac
curate assembly of cans that could vary in 
wall thickness and ovality, and provided a 
means of welding the beam flanges to the 
column without inducing through-thickness 
stresses in the can wall. On site the top 
diaphragm provided a positive platform for 
accurately locating the next element. 

The majority of can elements were formed 
from plate using cold or hot rolling , although 
a number of the thick-walled , smaller dia
meter cans were formed by the back extru
sion technique. In order to ensure that no 
detrimental strain-ageing effects were 
developed during cold rolling , a thorough 
investigation was undertaken into the possi
ble metallurgical behaviour. All shop 
welding of longitudinal and circumferential 
welds was carried out using the submerged 
arc process. 

Although it had been originally expected 
that the flanges of the beams would be 
formed from plate welded at the change in 
direction between the sloping and horizon
tal surfaces, in the event it proved possible 
to form all the flanges by cold bending. An 
elaborate jigging arrangement was 
developed to ensure accurate fitup of the 
beams onto the tubulars for welding , and 
after welding , extensive checks were per
formed to determine the degree of machin
ing required on the ends of the tubulars to 
achieve the overall tolerances. 

Possibly the most complex fabrications in 
the whole of the superstructure frame were 
the truss nodes, which were built up from a 
number of plate elements as shown in Fig . 
41. At their most complex, they included 
large gusset plates in both directions to pick 
up truss and cross bracing elements, in 
addition to haunched beams on the other 
faces. The forces from the gusset plates are 
then transferred through a series of horizon
tal diaphragms into the circular section . 
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Superstructure erection stages 

Hangers were generally fabricated from ex
truded seamless pipe and internally thread
ed at their ends to take the screwed coup
lers. The connecti on between the hanger 
and the bottom boom of the stability truss 
was fabricated from a solid forged billet. 
Floor secondary beams were cambered 
prior to erection, with the site connections 
to primary beams being generally bolted 
joints with grade 8.8 bolts. The welded plate 
girder primary beams were not fabricated to 
a camber because of the relatively low 
values of dead load deflection. 
Welding 
Prior to the commencement of fabrication 
an extensive programme of welder and pro
cedure qualification was undertaken for 
manual metal arc and submerged arc 
welding . 

22 basic welding procedures represented 
the various combinations of process, posi
tion, and preparation, that would be used in 
fabrJcation and subsequently for erection. 
All the basic procedures were centrally 
qualified to exacting standards of strength, 
hardness, and toughness. Each fabri cation 
centre subsequently requalified selected 
procedures appropriate to the work to be 
undertaken. 
Only one type of manual metal arc electrode 
and one submerged arc wire/flu x combina
tion were used throughout the contract. The 
control of steel composition and arc energy 
facilitated the use of only two welding 
preheat levels, ambient and 80°C. 
Joints between can and diaphragm were 
generally part ial penetration welds with 
machined bearing over the remaining area, 
since the members remain substant ially in 
compression . The exceptions to this were at 
the suspension truss and cross bracing 
levels, where full penetration welds were 
used. The site welds between the flanges of 
the half-beams were also generally partial 
penetration welds except at truss and brac
ing levels, while the web connections were 
always full penetration welds with backing 
strips, since shear is generally the dominant 
mode of action at this joint. 
For site welding a training programme was 
established to qualify welders locally for 
site work which , in its combination of type 
and required quality, was quite rare in Hong 
Kong. Key personnel from the erector were 
sent to the UK for training and qualification 
and , on return to Hong Kong, in turn trained 
others. Qualification tests were witnessed 
by Lloyd's inspectors. The programme 
proved very successful , with eventual ly 
some 50 welders on site producing work with 
not only high productivity but also low 
defect rates . 
The size and configuration of components 
made radiography impractical for general 
weld testing , particularly on site, and butt 
welds were therefore examined ultrasoni
cally. The scope and frequency of inspec
tion and testing , together with defect accep
tance criteria, were specified for all welded 
joints, varying in intensity according to the 
degree of importance of the weld. 
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Superstructure movement analysis 

Requirements and objectives 
The large floor-spans, non-symmetrical load 
distribution, and the 'zonal ' nature of the 
structural action, required that accurate 
assessments be made of the movements of 
the main structural elements of the building 
both through the cons truction period and 
during its use. Following finalization of the 
erection sequence a detailed movement 
analysis was therefore carried out , with the 
followi ng objectives: 
(1) To provide a means of assessing the 
suitability of the proposed erection posi
tions and levels of the suspension truss 
elements and the masts 
(2) To predict the vertical and horizontal 
movements of each section of the primary 
structure during the construction sequence 
after its erection 
(3) To predict maxi mum credible building 
movements under the imposed loads 
applied to the completed building 
(4) To provide information on the fixing ad
jus tment required in non-structural com
ponents. 
The steelwork contractor carried out parallel 
analysis of the deflections expected during 
the erection of each zone. The effects of 
weld shrinkage in the site joints in masts 
and suspension trusses were not included 
explicitly in the movement analyses but 
assessed separately. 

Erection sequence 
The erection of the bu ild ing structure was 
basically zonal , each bank of floors and its 
suspension trusses being essentially struc
turally complete before handover to follow
ing trades. Within a zone the central area 
floor steelwork was erected closely behind 
the masts, rather than waiting until the 
suspension trusses for that zone were com
plete . This gave significant programme ad
vantages. 
Until the suspension trusses were complete, 
therefore, the hangers had to act in com
pression and be temporarily supported from 
below. For this a trestle was placed under 
each pair of hangers, the trestles being sup
ported by the work platform for the erection 
of the lowest zone and by the suspension 
structure below for higher zones. Following 
completion of welding in the suspension 
elements, the trestles below were removed 
during the ' jackdown' operation, whereby 
the structure was initially jacked-up off the 
trestles to remove the supporting packs and 
then let down until it hung freely. 
Steelwork erection above continued within 
prescribed limits before completion of sus
pension trusses and jackdown of the zone 
below. Concreting of the floors was carried 
out after jackdown. Completion of the 
suspension trusses also allowed the erec
tion of the outer hangers, floor elements , 
and stairs within a zone. Module erection 
was completed in a narrow time window and 
marked the essential structural completion 
of a building zone. The stages are illustrated 
in Fig. 49. 
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Fig. 50 
Patterned live load ing 

The lowest, most slender hanger sections 
were stiffened to increase their compressive 
capacity to support the ' jackdown' loadings. 
Jacking forces and displacements were 
closely monitored during the operation to 
give warning of potential overloading of the 
hangers. The load/displacement records 
gave an indication of the stiffness of the 
structure, and once locked-in loads from 
welding were overcome, the structure 
behaved linearly: the measured stiffness 
agreed closely with predictions. 
Analysis stages and models 
In order to assess the movements in lower 
zones due to construction in higher ones, 
the sequences of structure erection, compo
nent insta llation, and fit-out were broken 
down into 12 discrete steps, each step 
representing a signif icant stage in the erec
tion and load-out of the building. Analytical 
models to represent the stage of completion 
of the structure at each of the 12 steps were 
then chosen , each being a skeletal half
structure based on the main analysis model. 
Loads 
Assessments were made of the degree of 
completion of the building at each stage to 
establish the loads applied in the analysis. 
Wherever possible, manufacturers' esti
mates of the weights of components were 
used, particularly mechanical plant. 
Live loads for the assessment of movements 
after construction were applied in three dif
ferent patterns to predict extreme values of 
movement: 
(i) 'Chequer-board ' pattern live load, as 
sho.wn in Fig . 50 
(ii) The reverse 'chequer-board' pattern of (i) 
(iii) Full live load throughout the building. 
Joint effects 
The geometry of the suspension truss zones 
is such that weld shrinkage at joints in both 
horizontal and vertical elements could signi
ficantly affect the level of the structure after 
jackdown. In addition to the welds between 
mast and node elements, there were welded 
site splices in both the top and bottom inner 
booms (Fig. 18). Measurements of weld 
shrinkage were made on site which general-
ly showed values of between 2mm and 4mm. 21 







Weld shrinkage in the masts was compen
sated for in the individual joint setup, while 
weld shrinkage in the haunched beams and 
truss bottom booms was judged to have 
little or no effect on the vertical deflection 
of, or forces in, the frame. However, 
shrinkage during weld ing of the splice in the 
top boom induced significant forces in the 
suspension structure and hangers, which at 
that stage were propped from below. These 
forces were dissipated by movement during 
the jackdown of each building zone. 
The prototype tests on the threaded 
couplers in the hangers and on the bearing 
connections showed little bedding-in move
ment on loading. Monitoring surveys during 
erection bore out these observations. 
Sway 
As discussed previously , the eccentric mass 
of the building causes it to sway pro
gressively to the west during construction . 
Preliminary step-by-step construct ion 
analyses showed that , if mast columns were 
positioned concentrically with columns 
below during erection, the resulting swayed 
profile would be unacceptable for the in
stallation of external cladding , lifts, and 
other fitout elements. A setting-out pro
cedure was therefore developed to improve 
the final prof ile. 
The follow ing two procedures were eval
uated by analysis prior to being adopted on 
site. 
(1) Eacb mast element was erected relative 
to a base grid rather than concentrically 
with the column beneath. By this means, the 
horizontal movements that occurred be
tween installation of successive sections 
were countered . This became known as set
ting out to the ' indian rope'. 
(2) At selected levels the new mast elements 
were displaced to the east relative to base 
grid at erection. The ' indian rope' was 
thereby moved progressively further east 
between levels 22 and 41. 
Fig . 51 compares the measured and pre
dicted sway at completion of fitout. The 
horizontal axis in the figure shows move
ment subsequent to erection, and it can be 
seen that the measured and predicted 
movements agree within 9mm anywhere on 
the structure. The predicted position of the 
building relative to base grid is read off from 
the stepped vertical axis, which reflects the 
displacement of mast elements east of the 
base gr.id at erection. The maximum pre
dicted final displacement is 18mm west of 
base grid at level 43. This compares with 
over 70mm if neither of the corrective 
measures had been taken . 
Presets 
Presets were introduced into the floors and 
suspension trusses at erection to ensure a 
level structure after concreting of the floors 
and installation of the modules. 
Presets varied with suspension truss loca
tion, being significantly higher on the top 
trusses of a mast because of the absence of 
top booms. Typical preset values for these 
trusses were of the order of 40mm, while 
those for ' internal' trusses were approx
imately 20mm. 
Each hanger was fabricated short to allow 
for extension under load. Fine adjustment 
was also possible at the threaded couplers 
on erection. 
Movement effects: curtain walling 
In concept the cladding elements are sus
pended panels fixed to the floor structure 
with adjustment in the fixings to allow the 
panels to be set level at the time of installa
tion. Allowances for the relative vertical 
movements of the floors at the head and 
base of each panel are provided in the base 
fixing detail , with the movement allowance 
varying according to the panel 's location 

24 within the building. 

Since cladding installation followed closely 
behind steelwork erection in each zone, it 
was particularly important to assess the 
structure movements which would occur 
between installation of the c ladding and 
completion of construction. 
Movement allowances had been incorpor
ated into the panel design at an early stage, 
and these could now be checked from the 
current analyses which used detailed infor
mation on the weights of fabr icated and 
manufactured items, together with the f inal 
erection programmes. 
The analyses provided the minimum move
ment capacities that would be required on 
erection, determined from : 
(a) Floor deflections and main frame sup
port movements occurring after installation 
of the cladding because of progressive con
struction and fitout of the building 
(b) Floor deflections due to the super
imposed live loading. 
Generally, the cladding panels are single
storey-height elements between successive 
floors in one zone of the building . Movement 
joints in this situation are determined by 
relative movements between two floors 
only, plus temperature effects. The double-
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storey-height panels located within the 
suspension truss levels, however, require 
considerably larger movement allowances. 
Here the allowances are determined by the 
relative movements of two building zones 
rather than of two floors , since the upper 
stability level floor structure is linked via the 
hangers to the trusses above, while the 
lower stability level floor structure is linked 
to floors in the zone below (Fig . 18). 
Typica l perimeter curtain walling has a 
movement joint capacity at each floor of 
± 30mm, including temperature effects , 
while at the edge of the building in a suspen
sion truss zone the movement joint capacity 
at installation was set at 10mm open
ing/50mm closing. 
Movement effects: fitout 
The predicted movements of the building 
were used in the design and detailing of the 
fitout elements such as ceilings, raised 
floors , and partitions, to assess the adjust
ment required at their installation and the 
size of any movement joints required post
installation. The effects considered were: 
(i) The level tolerance on the structural floor 
at handover to fitout subcontractors 
(i i) Main frame movements and local floor 
deflections after handover of the structure, 
but prior to installation of the fitout 
elements, due to continuing construction 
above and add it ion of dead load to com
pleted floors 
(i ii) Floor deflections due to superimposed 
live loading after installation of the fitout 
items. 
The adjustment requirements to allow the 
raised floor and ceiling to be set level at in
stallation were determined from (i) and (ii) , 
and a nominal fitout envelope was determin
ed as illustrated in Fig. 52. 
The fully demountable partitions are a hung 
system, fixing directly onto the ceiling . The 
dimension between the raised floor and ceil 
ing defined the nominal height of the 
partitions, and a vertical movement joint is 
provided at the base. This was set at 
± 50mm on typical levels to absorb any out
of-tolerance of the ceiling and raised floor 
installations as well as to allow for extremes 
of differential loading on the floors above 
and below. Installation adjustment for the 
partitions is then not required, since they 
can be fixed at any time to the ceiling line, 
and the differential live load deflections that 
may have occurred between the floors will 
be taken up in the base joint. 
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Quality assurance and quality control 

Strategy 
It was recognized at the outset that the use 
solely of traditional methods of building 
supervision would be inappropriate for a 
large project assembled, to a great extent , 
from components prefabricated remote 
from Hong Kong and incorporating mater
ials and techniques not extensively used in 
buildings. 
Experience in the defence, nuclear power, 
and offshore sectors has shown that the 
establishment of a formal quality assurance 
system provides a workable basis for mini
mizing the risk of materials or workmanship 
failing to meet the specified standards. This 
approach was therefore adopted to ensure 
the acceptability of fabricated items before 
they arrived on site; site supervision would 
then focus on the assembly of components 
of assured quality. 
Each contractor was required to establish 
quality assurance and quality control pro
cedures to the satisfaction of the manage
ment contractor, with whom lay the ultimate 
responsibility for the quality of the con
structed works . The implementation of 
these procedures was then monitored by in
dependent surveillance teams specifically 
appointed in each country, with , in addition, 
regular visits by the management contrac
tor 's own QA/QC personnel and represen
tatives of the design team. 
This general approach was applied to all off. 
site fabrication contracts for the project, 
from structural steelwork through to fitout 
elements such as the ceilings and parti
tions, with variations in the degree of exter
nal inspection to suit both the importance of 
the elements and the required quality of pro
duct. The procedures described below for 
the main frame structural steelwork fabrica
tion illustrate those used on all contracts. 

Structural steelwork fabrication 
The sections of the structural steelwork con
tract documents dealing with quality assur
ance and quality control were prepared 
jointly by the management contractor and 
the structural engineer and included re
quirements for personnel and procedures 
for the controlling and checking of the work. 
These formed a basis from which the steel
work contractor could develop the detailed 
quality plan for the works to reflect his own 
particular fabrication methods and controls. 
Although critical items were subjected to 
full inspection and testing , it was recog
nized that many items could be checked on a 
random basis. In the event that a defective 
item was discovered it was vital to be able to 
identify the batch from which it came and 
iso late other potentially non-conforming 
items. Comprehensive documentation of 
material sources, fabrication activities, and 
quality control checks, provided a basis for 
such investigation and subsequent reme
dial action. It was fundamental to the suc
cess of the quality programme that, when
ever defective items were discovered, not 
on ly were they rectified or replaced but that 
the reasons for non-conformance were 
established and any necessary changes 
instigated to prevent a recurrence. 

In order to ensu re that quality systems were 
operative and effective it was necessary to 
review systematically all activities and pro
cedures. By necessity this included not only 
a review of documentation but also a degree 
o f random retesti ng or inspection to sub
stantiate the accuracy of documentary 
records. 
Throughout the fabrication programme, 
therefore, the management con tractor 
maintained a team of quality assurance sur
veyors whose task was to monitor the sub
contractor's quality systems and carry out 
random inspect ions to ensure that the qua I-

ity standards were consistently achieved at 
all fabrication centres, of which a total of 22 
were used. Particular attention was paid to 
preshipment inspection of both fabricated 
components and supporting quality docu
mentation. 
In addition to the steelwork contractor 's and 
the management contractor's quality assur
ance staff, inspections were also carried out 
by the consulting engineer to check that 
fabrication conformed to the design con
cept and that materials and workmanship 
generally complied with the specification. 

A close working relationship was estab
lished early in the contract between the 
management contractor's QA surveyors, the 
contractor 's QA team, and the consulting 
engineer. This ensured that all were aware of 
the technical requirements of the contract 
and the standards expected, and provided 
the QA team with support in implementing 
the quality programme. This group also pro
vided an effective interface for considering 
the acceptability of non-confo rming com
ponents, since it was inevitable that some 
would fall below the target quality level. 
Every effort was made to evaluate whether 
such non-conforming items could be accep
ted on an individual ' fitness-for-purpose' 
basis and so prevent disruption of the 
overall fabrication or construction pro
gramme. 

On site 
Procedures in the more confined location of 
the site were a combination of traditional in
spection roles and QAIQC processes, parti
cularly on the substructure and foundation 
works. The management contractor's site 
engineers controlled and checked all of the 
contractors ' work, working with the contrac
tors ' own staff and a team of resident 
engineers from the consultant. 
' Front-line' ultrasonic testing of welds on 
site was carried out by the steelwork con
tractor 's site QAIQC organisation. A team of 
inspectors was specially qualified for the 
project to ASNT level II and worked under 
the supervision of a CWSIP 3.6 operator. In
dependent monitoring of their work was by 
the management contractor' s CSWI P 3.6 
operator, working together with the resident 
engineer. 

Project programme 
The following is a brief summary of the pro
ject milestones: 

October 1979: competition result announced 
May 1980: preliminary concept design 
December 1980: final concept design 
June 1981 : demolition start 
November 1981 : diaphragm wall start 
June 1982: excavation start 
January 1983: steelwork start 
January 1984: cladding start 
November 1983: modules start 
October 1984: steelwork comp lete 
September 1984: modules complete 
May 1985: cladding complete 
May 1984: substructure complete 
July 1985: Banking Hall handover 
November 1985: building handover. 
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The basements 
and substructure 
Chris Humpheson 
Tony Fitzpatrick 
John Anderson 
This is an edited version of a paper under 
consideration for publication in the Pro· 
ceedings of the Institution of Civil Engineers 
and is published here with the agreement of 
the Institution. 

The site and adjacent buildings 
The site overall is 68m north-south by 75m 
east-west , with the south.·east corner slight· 
ly truncated . There are major roads on its 
north and south sides, a minor road on the 
east and buildings to the west (Fig. 1). 
Ground level slopes down from south to 
north, being approximately + 6m PD (Prin · 
cipal Dat um) along Queen 's Road Central 
and + 4m PD a long Des Voeux Road. To the 
south of the site the foothills of Victoria 
Peak rise steeply from the south side of 
Queen 's Road Central. 
The Bank of China, located 10m beyond the 
site boundary, was built between 1949 and 
1951 . This building has a two-level basement 
extend ing down to about - 2.5m PD. It is 
founded on driven cast in situ piles with ex
panded bases in decomposed granite at 
about - 7m PD. The Chartered Bank, built in 
the mid-1950s, is about 10m to the west of 
the site and has a semi-basement (lower 
ground floor) which is at about street level 
on Des Voeu x Road. This building is also 
supported on groups of driven cast in situ 
piles with expanded bases, w ith large pile 
caps generally linked by tie beams. The 
depth of the piles is unknown. 
Prince 's Building has a sing le basement 
down to about + 0.5m PD wi t h a stiff piled 
raft founda t ion . The piles are 0.5m diameter 
straight-shafted, driven cast in situ , founded 
-=it an average leve l of - 16m PD in the 
decomposed granite. This bui lding is about 
35m to the north-west of the site. About 15m 
to the south of the site boundary is 
Beaconsfield House. This building has no 
basement and is founded on a grillage of 
spread strip foundation beams in decom· 
posed granite at a level of about + 5m PD. 
Both ~rince's Building and Beaconsfield 
House were built in the early 1960s. 
The oldest building in the vicinity of the site 
is the Courts of Justice, built circa 1900. This 
has no basement except for a small plant 
room close to the south -west corner. The 
building is founded on isolated strip 
footings which are believed to be supported 
on timber piles up to 15m long. At its closest 
point it is about 30m from the north-east cor· 
ner of the site. 
Site investigation 
Before commencing the design of the 
substructure a prelim inary site investigation 
was carried out during the period September 
1979 to December 1980. The purpose of th is 
invest igation was to determine the geology 
and. so il condit ions at the site and to 
establish detai ls of the existing basement 
construction and founding levels. 
The investigation consisted of 13 boreho les 
up to 40m deep, three trial pits to inspect the 
basement raft construction and 17 small 
diameter cored probe holes to establish ex
isting founding levels. Standard Penetration 
Tests were carr ied out and undisturbed 
Mazier samples taken in the soi ls, whilst 
double and triple tube core barrel samples 
were taken in the rock. A standpipe or 
piezometer was installed in each borehole to 
monitor ground water levels. 

Fig. 1 
Site plan 

Following pre liminary scheme design a 
more detailed second stage site investiga
tion was undertaken between March and 
July 1981 . The objectives of this investiga
tion were to provide additional information 
on the geology and soil properties of the 
ground surrounding the site and adjacent 
buildings, to prove the depth and quality of 
rock at proposed foundation positions and 
to install an instrumentation system to 
monitor ground and water movements dur
ing the construction of the proposed 
basement. 
The second stage site invest igation con· 
sisted of a further 36 boreholes up to 48m 
deep, with Standard Penetration Tests at 
about 3m centres in all boreho les. Mazier 
samples were taken in si x boreholes, and in 
situ permeability tests under constant , ris· 
ing and falling head were made in s ix 
boreholes. In addition to the 36 boreholes , 
three deep wells were installed for pumping 
test tria ls. 
The instrumenta ti on which was insta lled 
consisted of seven standpipes, 22 standpipe 
piezometers and 11 inclinometers, four of 
which also had magnetic ring exten· 
someters around the inclinometer tubing . 

Ground conditions 
These are discussed on pp. 7.9 of the paper 
by Jack Zunz, Mike Glover and Tony 
Fitzpatrick earlier in this issue. 

Construction 
Demolition 
Construction began on the site with the 
refurbishment of the existing Annexe 
building on the west side. The original raft 
foundation was underpinned with 160 micro· 
piles extending down to the granite to allow 
for an extra floor which was to be added to 
the building and the generally increased 
f loor loadings. Some of the micropiles were 
insta lled as rakers to provide lateral stability 
duri ng subsequent adjacent excavat ion . 

Follow ing completion of the Annexe fitti ng· 
out , the massive bronze doors of the main 
building , which had housed the Bank 's 
headquarters since its official opening on 
10 October 1935, closed after business for 
the last time on 5 June 1981 . Demol ition 
began immediately w ith the stripp ing-out of 
some fittings of sentimental value to the 
Bank, including parts of the 30m long 
mosaic on the old bank ing hall vaulted 
ceiling . 

By late November 1981 only the 8m deep 
reinforced concrete basements of the old 
building remained , covering the northern 
half of the site, and preparatory works for 
diaphragm walling could begin . After the in· 
stallation of temporary steel strutting, 1.5m 
wide s lots were cut in 20m leng ths through 
the slabs and the ra ft foundation where the 
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new wall was located inside the exist ing 
st ructu re. The slots were then back-filled 
with a lean-mix concrete to which bentonite 
had been added to maintain the propping ac· 
lion and yet al low subsequent excavation by 
diaphragm walling equipment. 
This exercise proved both difficult and time· 
consuming since the concrete sections 
were massive and heavily reinforced and the 
base of the raft was below the water table. 
Nevertheless, the process was completed in 
some seven weeks . 
Diaphragm wall 
Exploratory prebore holes had meanwhile 
been drilled at approximately 4m centres 
along the complete line of the diaphragm 
wall . These gave the probable founding 
levels for all panels, and also indicated the 
variations in the ground through which they 
would be excavated . 
The 51 diaphragm wall panels, with a total 
perimeter of 245m, were excavated under 
benton ite usi ng a c lam-shell grab, with three 
rigs in operat ion on the site. Each panel was 
toed-in 300mm into moderately decompos
ed granite by chiselling . Panel lengths 
varied from 3.7m to 6.0m, with primary and 
secondary panels being cut in three passes 
and successive panels in two. 
Experience on previous diaphragm wall con
struction in the area had shown that ground 
movements were very sensitive to the ex
cess piezometric head between the slurry in· 
side the trench and the ground water out· 
side. Since raised guide walls were not prac
tical on the site, this excess head could only 
be generated by lowering the external 
ground water level. This in itself, however, 
generates ground settlement , and hence a 
f ine balance had to be struck between 
ground movements caused by too low an ex· 
cess head and those due to dewatering to in
crease the head (see section on ground 
movements for a fuller description of this 
problem). 

A general drawdown of the surrounding 
groundwater of 2m was finally specified , 
with absolute minimum piezometric levels 
of - 2m PD in the decomposed granite and 
Orn PD in the overlying marine deposits and 
f i ll. To carry out the dewatering and subse· 
quently to maintain control of the water 
levels, 37 wells, each 150mm diameter, were 
drilled to rock at 6m centres around the out· 
side of the site, plus a further 15 wells inside 
the old basement. The wells were equipped 
with eductor well -points which allowed them 
to be used as either a drawdown or a 
recharge system, thus ensuring that close 
con trol could be exercised. 
Piezometers and standpipes which had 
been installed around the site were used to 
moni tor drawdown levels. Those adjacent to 
the panels under excavation were read at 27 



six-hour intervals, others close to the site 
every 24 hours and those remote from the 
site twice each week. 

The original specification for the bentonite 
slurry for use in the diaphragm wall trenches 
was based on the API Standard Procedure 
for Testing Drilling Fluids, with the values 
based on Wyoming bentonite. -However the 
bentonite actually used was of French 
origin, and it proved impossible to achieve 
results from the daily tests which complied 
simultaneously with the specifications for 
density and shear strength. The slurry with 
the specified density had too low a shear 
value, whilst changing the mix to give the 
correct shear value produced too dense a 
slurry which would not allow sufficient set
tlement of fines and resulted in too high a 
suspended sand content. This would have 
resulted in poor concreting and a poor rock
concrete interface. 
Following a series of tests the specification 
was modified to suit the actual material be
ing used, although this was accompanied by 
stricter controls on slurry level in the tren
ches and ground-water piezometric levels. 
On completion of excavation of a panel the 
profile was measured for width and plumb 
using a Koden Drilling Mon itor. Th is produc
ed a graphical read-out of the profile of the 
sides, and enabled tr imming to be carried 
out to ensure that the specification was met 
(1 :80 vertically, width not less than 1000mm). 
Panel E;!Xcavat ion in total took 318 rig-days, 
finishing in July 1982, equivalent to some 
21 m2 of panel per rig per day. The deepest 
panels went to 36m below ground, with an 
average depth of 27.5m. 
At the start of diaphragm wall installation in 
the north-west corner of the site, obstruc
tions in the form of the sheet pile temporary 
works retaining wall to the old building base
ment were encountered. These had even
tually to be taken out piecemeal using hand 
excavation, when it was also found that the 
original sea-wall ran along the line of the 
diaphragm wall. 
The critical design cases for the reinforce
ment to the diaphragm walls were those 
arising during basement excavat ion and 
construction. Maximum cage weight was 28 
tonnes, installed in three sections using 
couplers to join the lengths to avoid conges
tion . A total of over 1,200 tonnes of reinforce
ment was used in the diaphragm walls. 
Panel concrete was a retarded , self
compacting tremie mix with a characterist ic 
strength of 32 N/mm2, supplied from a near
by ready-mix plant. Concreting time averag
ed approximately six hours per panel. 
Following completion of the diaphragm 
wall, the base of the wall was grouted to en
sure as watertight a 'box ' as possible for 
subsequent basement excavation . Two
stage grouting was employed, contact 
grouting of the concrete-rock interface be
ing followed by fissure grouting to 5m below 
the base of the wall. 
Four ducts, each 100mm diameter, had been 
placed to the bottom of each panel with the 
reinforcement cages. Each duct was drilled 
500mm into rock and grouted at 10 bars to 
refusal. Following this contact grouting, 
alternate holes were drilled 5m into the rock 
and grouted at 15 bars to refusal. 
An internal dewatering system was installed 
within the site with two objectives. Firstly, it 
allowed a reduction of ground-water inside 
the site below the excavation level so as to 
increase the available passive soil 
resistance, and secondly it allowed a check 
on the effectiveness of the grouting before 
commencement of excavation. 
A total of 15 wells was installed, each with a 
submersible pump, allowing a stable 
drawdown to - 15m PD to be achieved. This 

28 was maintained for some · two years 

throughout the construction period, the last 
wells being switched off only after comple
tion of the rock anchors to the lowest base
ment slab in June 1984. Piezometers left in 
the central wells showed that piezometric 
levels recovered to their original values by 
September 1984. 

Caisson foundations 
Three types of ca isson excavation were us
ed to form the foundations (Fig. 2). The most 
numerous were the 58 'secondary' caissons 
for tile basement columns. These were 2.1 m 
internal diameter shafts, hand-dug in the 
traditional Hong Kong manner. 
Each caisson is dug by one or two men using 
hand-tools at the base of the excavation , 
with spoil-removal by electric hoist general
ly operated by female members of the dig
gers' family. At the end of each day's ex
cavation , generally a depth of 0.8m to 1.0m, 
a 100mm thick concrete lining is poured to 
stabilize the sides, using a wedge-shaped 
shutter to allow both a gap for pouring and 
easy removal of the shutter the following 
day. 
All secondary caissons were excavated to a 
minimum of 300mm into massive granite, 
giving an average base level of - 25m PD, 
with the deepest extending to - 33m PD. As 
a final check that there were no areas of 
weak rock below the base, 50mm diameter 
probe holes were drilled 4.5m below each 
caisson and the rate of penetration 
measured. In four of the caissons extra ex
cavation was required as a resu lt of these 
probes. Excavation of secondary caissons 
took just two months, fin ish ing in November 
1982, and at the peak employed 48 excava
tion gangs. 

On satisfactory completion of the probe 
hole in each caisson the reinforcement cage 
was placed, together with the ducts which 
would subsequently be used to install the 
permanent rock anchors , and the shafts 
concreted up to the level of the lowest base
ment slab. Although it had originally been in
tended to tremie the concrete into the 
caissons , the combination of the grouted 
base to the diaphragm wall and the internal 
dewatering system so reduced the flow of 
water into the caissons that concret ing was 
in fact carried out effectively in the dry. 

In order to be assured that there was good 
contact between the concrete and the rock 
at the base, ten caissons were selected at 
random and cored through the concrete to 
500mm into rock. All cores showed a void
free and gravel/sand-free contact. 

Holding down bolts and baseplates were set 
into the top of the concreted shafts and the 
356 x 406 UC sections of the basement col 
umns located onto them, with the open bore 
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Fig. 2 
Diaphragm wall 
and caissons 

around the column then being filled with a 
no-fines concrete up to ground level to pro
vide lateral stability during construction . 
To gain programme time, general excavation 
to 81 level had been carried out in parallel 
with the caisson excavation for the base
ment column. However, since the main tem
porary propping system at ground floor level 
was to be supported on these columns, a 
preliminary propping system was needed to 
allow this first phase of excavation to pro
ceed. This was provided by 2m x 1 m deep 
reinforced concrete beams supported on the 
old building 's foundations, fortuitously oc
curring at reasonably useful levels. 
After installation of the basement columns, 
the main temporary propping system, con
sisting of twin 900 x 300mm I-beams, was in
stalled and the preliminary system broken 
out. This propping system also formed the 
working platform for the site, and allowed 
superstructure construction work to pro
ceed simultaneously with the basement 
works. The system was designed by the 
management contractor for a live loading of 
50 kN/m2 to cater for the construction plant 
which would use it. 
As described in the previous paper the main 
masts (6.5m x 6.2m overall plan size) extend 
to the lowest basement level. In order not to 
have to wait until the general construction 
had reached this level before commencing 
mast erection (which was on the overall pro
ject critical path), ways were sought to ad
vance these local areas and so mitigate the 
effects of programme slippage which had 
occurred in the first phase of the works . The 
solution f inally adopted was to construct 
10m internal d iameter access caissons in 
each of the eight mast locations to extend to 
83 level. 
Excavation was carried out by a combina
tion of hand tools and small back acters and 
proceeded in steps of 0.5m depth , the 
500mm thick reinforced concrete lining be
ing cast in each 0.5m before excavating the 
next step. The access caissons varied in 
depth from 8m to 14m depending on loca
tion , reaching up to 19m below road level. 
From the base of each access caisson were 
dug the four primary caissons for the mast 
foundations, one under each column of the 
masts. Shafts were of 2.5m, 2.7m and 3.5m 
diameter, with bell-outs in the rock to either 
3.5m or 4.1m diameter. Blasting was used 
for the base excavations into rock , involving 
close monitoring of adjacent bank buildings 
to ensure vibration levels did not affect sen
sitive equipment. As with the secondary 
caissons the bases were probe-drilled to en
sure sound rock beneath, with three holes 
being drilled in each base. Average penetra
tion of the foundations into rock was 5m, 
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with a maximum of 7m and an average base 
level of approximately - 30m PD. 
Test-coring of the first four primary 
caissons, which had been concreted by 
tremie under water, showed an unaccep· 
table sand/gravel layer some 100mm thick at 
the concrete-rock interface. Although 
several possible remedial methods were 
discussed, in view of the high loads on the 
caissons and their importance to the total 
building , it was dec ided, albeit with reluc
tance, that the only sure remedy was to 
break them out totally and reconcrete. The 
method of concreting was changed for the 
remaining 28 caissons, which took place 
during December 1982, as well as for the four 
re-bui lt ones. All primary caissons were cor
ed after concreting and all showed sound 
concrete-rock interfaces. 

Excavation and slab construction 
Successful completion of the access and 
primary caissons allowed mast steelwork 
erection to start on programme in January 
1983, at which time the combined work plat
fo rm/propping system was completed and 
basement excavation and construction 
could begin in earnest. 

The general site level having been reduced 
to 1 m below the underside of the first base
ment level , the slab formwork support 
system could be installed. A high quality, 
fair-faced concrete finish was required , and 
hence a system comprising resin-coated 
plywood forms laid on a pre-cambered 
grillage of steel beams was employed. All 
joints were to be recessed and featured, and 
great care was exercised by the contractor 
in the design of the forms, which was done in 
close collaboration with the design team. 
The support steelwork was set on screw
jacks at the columns to give fine level adjust
ment. 
The plywood forms were imported from 
Finland, and erection of the form work for the 
first time took some six weeks. However, for 
subsequent levels the formwork was simply 
lowered intact from the slab above on 
threaded suspension bars connected to 
hydraulic jacks above the slab, the formwork 
havi ng been initially lowered 50m at seven 
days after casti ng. Great care was exercised 
duri ng a ll act iv it ies on the pl~wood. 
Carpenters were issued wit h pli msol ls dur
ing fi x ing, and each area was covered w ith 
po lystyrene before steelf ixing commenced, 
which was not removed unti l immediately 
prior to concreting. 
The structural requirements for the concrete 
were quite normal , the design having been 
based on a characteristic strength of 
30 N/mm2. However the very high quality of 
finish required , together with the strict col 
our requirements of a uniform light grey over 
the whole of the large areas, placed great 
demands on the mix design. 

A series of trials was therefore initiated , in
volving vertically and horizontally cast trial 
panels (1 m x 1 m and 2m x 1 m respectively) 
using different release agents, plasticisers 
and mix proportions. Three months of 
testing culminated in April 1983 with the 
casting on site of a 3.5m square, 300mm 
thick prototype panel, complete wi th full 
reinforcement and features, which then 
formed the basis for judgement of finish of 
the actual works. 
All basement slab concrete was pumped 
from the work platform, with pours averag
ing 133m3 and taking some seven hours. The 
final finish on t he slabs is general ly con
sidered to have repaid the time and effort ex
pended in the design and preparation, it hav
ing been described as the best as-s t ruck 
concrete in Hong Kong . 

Excavation below concreted slabs was with 
five mechan ica l front shove ls loading two 
sk ips which were raised up to the work plat-

form through access holes left in the slabs. 
At this stage also the diaphragm wall was 
cleaned off as it became exposed and 
checked for any leakage, and the horizontal 
reinforcement couplers, which had been in
cluded in the wall for connecting to the base
ment slabs, were exposed and checked for 
location . In general the wall proved to be ex
ceptionally watertight , and with only a few 
exceptions the couplers were able to mate 
up with the slab reinforcement. 

Rock anchors 
With the commencement of rock anchor in
stallation there began the last phase of the 
underground structural works . A total of 245 
anchors was required in the main basement, 
of which 36 are located in primary caisson 
foundations under masts to provide an in
creased factor of safety against uplift due to 
wind loads, whilst the remainder are in the 
secondary caisson foundations to the base
ment columns to resist hydrostatic uplift. A 
further 66 anchors are located in the single
level Annexe area basement on the west 
side, which are similar in principle to those 
in the main basement. 
Anchor loads varied from 650 kN to 2100 kN , 
with all the anchors being designed with 
double-corrosion protection systems based 
on the then-new draft British Standard Code 
of Practice 0081 . A 111mm external 
diameter corrugated plastic sheathing was 
used as the main barrier, with plastic tubing 
around individual strands in the free length 
in addition to the internal grout. Anchors 
were pre-assembled and wound onto a 
custom-built drum off-site, and installed 
directly from the drum. 
Prior to anchor installation on site a series 
of tests was carried out to prove the design, 
including two full anchor tests, one of which 
was on site in a redundant duct. Bond
length, transmission of bond through the 
sheathing, in situ grouting methods and the 
effects of the tubing around the strands 
were all investigated before the details of 
the installation were finalized . Water tests 
were carried out at the base of each hole 
after drilling, and pre-grouting carried out as 
necessary. 
The comp lete anchor insta ll ation took some 
s ix months from November 1983 to May 
1984, w it h the work being organized (and 
reorganized) around the other construction , 
and in effect becoming the Cinderella of the 
basements. 
Because of their importance to the building , 
all the anchors are located so as to be ac
cessible for re-stressing. In addiiion, 28 an
chors have been selected for permanent 
monitoring as part of the building manage
ment process. Following the successful 
completion of the end-of-installation lift-off 
tests in January 1985, routine monitoring 
will commence in January 1987 and be 
repeated every five years thereafter. 

Plaza floor 
Possibly the most public area of the new 
building is the ground floor , known as the 
Plaza, which combines its role as the main 
entrance to the new banking hall with that of 
a north-south public thoroughfare under the 
building to link two of the city 's major east
west pedestrian routes . 
To overcome the 2m level drop across the 
site without interrupting the continuity of 
space, the architects selected a series of 
short slopes connected by level strips. A 
granite top course overlays waterproofing 
and thermal and acoustic insulation, and 
the whole 'sandwich ' is supported on 
precast pane ls , interlocked by an in situ top
ping , on a gr il lage of in situ reinforced con
crete beams. 
Fo llowing the success of the as-struck 
finish on the basement slabs, an exposed 
concrete soffit to the Plaza floor was 

selected as the ceiling to the public area in 
81 below. Precast panels had to be used, 
however, due to the construction restric
tions in this congested area, and a further 
series of concrete finish trials was therefore 
carried out to ensure that the required finish 
would be obtained. A total of 859 precast 
units were manufactured, generally 
2.4m x 1.2m in plan and 200mm thick. 
On-site organization 
The organization of the construction con
tracts was through an overall management 
contract whereby sub-contracts for sec
tions of the work, known as packages, were 
let. This arrangement allowed the tendering 
of individual contracts on a competitive 
basis as soon as that portion of the design 
was complete, thus ensuring minimum 
delay before execution of the work whilst re
taining the cost benefits of competitive 
tendering. The management contractor had 
overall responsibility for quality control, pro
gramming , temporary works and construc
tion co-ordination, and also provided the 
common-user services such as hoists, elec
trics, toilets, etc. 
To control and keep record of the many dif
ferent activities, official procedures on the 
site required all communications to pass 
through the management contractor. This 
could sometimes become quite involved, 
but as often happens the individuals con
cerned rose to the occasion and a very close 
working relationship developed between 
resident engineers, management contrac
tors and sub-contractors whereby problems 
were resolved by discussion as they arose, 
to be followed later by the paperwork. 
This proved particularly effective during 
diaphragm walling and basement con
creting , where decisions and actions were 
required immediately as the work progress
ed if delays were to be avoided. 

Ground movements: General 
It is inevitable that construction of a 20m 
deep basement wi l l cause ground 
movements. The object of the extensive 
design and analysis which was carried out 
was therefore to develop a construction se
quence which would be as fast and as cost
effect ive as possib le without causing 
distress to adjacen t buildi ngs and se rv ices. 
At a ll stages o f th e des ign, cons iderable ef
fort was made to estimate ground 
movements and to assess the conse
quences of those movements, wit h the data
base for the preliminary analyses being prin
cipally obtained from records of movements 
associated with the construction of other 
projects in the area. Back-analyses were 
subsequently carried out during construc
tion using the as-measured movements to 
improve the quality of the final predictions. 
The three main causes of ground movement 
which had to be investigated were dewater
ing, diaphragm walling and the excavation 
sequence itself. 

Dewatering 
With ground water levels within 2 to 3m of 
the surface, dewatering within the site to 
reduce these levels by at least 18m was re
quired for the basement construction. Past 
experience had shown that dewatering com
pletely decomposed granite (COG) can 
cause significan t ground settlement and so 
it was important that a reasonable assess
ment be made of likely drawdown outside 
the site boundary. 
Records were available for drawdown due to 
dewatering of a nearby site during caisson 
construction. These records showed that 
dewatering caissons to 20m below ground 
level caused drawdown at up to 250m from 
the site . This data was used in a back
analysis to assess t he bulk permeability of 
the COG and overlying strata and to develop 
a numerical finite element model which 31 



could then be used to investigate future 
dewatering proposals. 

This study showed that the pattern of 
drawdown in the COG is largely dependent 
on the extent to which the COG aquifer is 
confined. To achieve a match between the 
calculated and measured drawdown it was 
necessary to postulate an increasing 
permeability with depth within the COG , and 
also no recharge of the COG aquifer from the 
overlying fill and marine deposits (i.e. to 
'make' the COG stratum behave as a confin
ed aquifer). This requires a low permeability 
material at the interface between the marine 
deposits and COG strata, and results in a 
perched watertable in the fill when the COG 
is dewatered. Such a phenomenon was 
observed in practice. 
The numerical model was then used to 
estimate drawdown due to dewatering in
side a diaphragm wall box. The results of 
this analysis clearly demonstrated the im
portance of achieving a good seal between 
the diaphragm wall and the intact rock. Even 
a small gap between the base of the wall and 
rock was shown to resul t in significant 
drawdown outside the site (Fig . 3). The 
analysis indicated that drawdowns could be 
limited to about 2m to 3m, which would be 
acceptable, by ensuring that any gaps were 
grouted. 
During the second stage site investigation, 
further data on ground settlement due to 
dewatering was obtained by carrying out a 
series of pumping tests . 250mm diameter 
wells were installed on Des Voeux Road and 
Queen 's Road as part of the SI contract. 

When the SI had been completed and al l 
piezometers and standpipes installed, pum
ping tests were performed by reducing the 
water level in the wells in stages using 
submersible pumps and monitoring the 
piezometric levels in adjacent standpipes 
and piezometers. Temporary settlement 
points were installed for the duration of the 
tests to monitor ground settlements. 
The drawdown in the COG and associated 
settlements were greater for the wells on 
Des Voeux Road than for the well on Queen 's 
Road Central. Very little drawdown was 
observed in standpipes in the fill on Des 
Voeux Road. This indicated the existence of 
a relatively impermeable layer between the 
marine deposits and the COG preventing 
vertical flow into the COG from the overlying 
highly permeable fill , a conclusion consis
tent with that derived from the earlier back 
analysis. On Queen 's Road Central , 
however, the marine deposits are absent 
and the limited radius of drawdown and 
small settlements indicated that the fill and 
COG are hydraulically connected. 
The ratio of ground settlement to drawdown 
measured in the pumping tests was con
siderably less than the previous records in
dicated. This was attributed to the fact that 
previous measurements could be 
associated with first time dewatering of the 
CDG, whilst the pumping test results pro
bably reflected the fact that the site had 
already been dewatered during the con
struction both of the previous Bank head
quarters and of nearby buildings. 

From the results of the computer analysis of 
drawdown outside a diaphragm wall and the 
measurements taken during the pumping 
tests, it was concluded that ground set
tlements due to dewatering to rock level in 
side the completed diaphragm wall box 
would be of the order of 10mm. 

Ground movements 
due to diaphragm wall construction 
During the construction of Chater Station, 
significant ground movements occurred as 
a direct result of diaphragm wall construc
tion. Ground settlements of up. to 75mm at a 
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These ground movements were subsequent· 
ly attributed to swelling and softening of the 
COG adjacent to a trench under excavation 
due to horizontal stress relief. Field tests 
carried out in Hong Kong showed that the 
movements are related both to the effective 
stress in the decomposed granite ad jacent 
to the trench during excavation and to the 
size of the pane l. The stresses are controlled 
by the difference between the head of ben
tonite slurry in the trench and the head of 
water in the ground (i. e. the excess slurry 
pressure). 

The field measurements available were 
limited but indicated that the magnitude of 
the ground movement was very sensitive to 
the excess slurry head , especially at low 
values . To investigate this problem a series 
of drained triaxial tests was undertaken to 
study the swelling of COG due to reduction 
in horizontal stress. These tests 
demonstrated that the rate of increase in 
radial strain , or swelling , rapidly increases 
at low values of horizontal stress. 

The object of these stud ies was to obtain the 
optimum balance between panel size, ex
cess slurry head and dewatering to minimize 
combined ground settlements whilst at the 
same time not impeding construction pro
gress. The specificat ion finally adopted was 
for a maximum panel length of 6m and a 
minimum excess slurry pressure of 35 kN/m 2 

(approximately 3.5m head) , to be obtained 
by dewatering the surrounding ground so as 
to avoid the complications of using raised 
guide walls on the site . 

It should be noted that the swelling problem 
is confined to the COG , and in the fill and 
marine deposits an excess slurry head is on
ly required to maintain trench stability . This 
was calculated to be 2m. 

Ground movements 
due to basement excavation 
The most difficult assessment to make was 
that of ground movements due to basement 
excavation. During the excavation lateral 
movements of the diaphragm wall would oc
cur as the earth pressures from the surroun
ding ground are transferred onto the wall 
and support system. This causes horizontal 
movement and consequent settlement of 
the surrounding ground. 

Obviously, the magnitude and extent of the 
movements are control led by the stiffness 
of the wall and support system, the proper
ties of the ground and the sequence of con
struction. The difficulty arises in for
mulating a suitable method of analysis ac
curately to assess the importance of each of 
those factors. The first estimate to be made 
is of the lateral wall movements during the 

various phases of construction . It is then 
necessary to assess the likely ground sur
face settlements associated with those 
lateral movements. Both of these stages are 
fraught with difficulties. 
Several methods of estimating lateral wall 
movements have been proposed in the past. 
The majority of these methods are based 
upon subgrade reaction models where the 
wall is modelled as a vertical beam and the 
soil is represented as a series of indepen
dent horizontal springs. Depending upon the 
sophistication of the method, the earth 
pressures, represented by spring forces, 
may or may not be limited by the active or 
passive pressures. In these models the user 
is required to specify spring stiffnesses or 
subgrade reaction moduli to represent the 
soil. These are difficult parameters to define 
since they depend not only on the soil pro
perties themselves but also on the geometry 
of the excavation . 
To overcome some of the problems 
associated with subgrade reaction models, 
a method of analysis was developed which 
assumes that the soil on both sides of the 
wall behaves as a linear elastic continuum 
between active and passive limits2. In order 
to use this computer program to assess wall 
movements it was necessary to define the 
soil properties in terms of modulus of 
elasticity and the active, passive and at-rest 
horizontal pressure coefficients. 
To test the validity of the model , use was 
again made of data obtained during the con
struction of Chater Station, where in
clinometers had been installed within the 
diaphragm walls. The measurements of 
lateral movement at various stages 
throughout the construction period were us
ed to 'calibrate' the current analysis. 
Reasonable agreement between measured 
and calculated wall movements was achiev
ed if the lateral soil stiffness, E' , was assum
ed to be related to the SPT blowcount , N, by 
the relationship E' = 0.8 x N MN/m2, and the 
horizontal pressure coefficients were 
related to the angle of shearing resistance, 
(l)' , determined from laboratory tests using 
Caquot and Kerisel3. The site investigation 
had demonstrated that ground conditions 
along Des Voeux Road were quite different 
from those along Queen's Road Central. 

Two models were developed to represent th e 
north and south sides of the site, with the 
different soil properties derived from the 
SPT profile for each side as shown in Fig. 4. 
The calculated wall movements at the end of 
basement construction are shown in Figs. 5 
and 6. 
No standard procedure exists for relating 
ground settlement to lateral wall movement. 
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Finite element analyses can be used , but as 
with the lateral wall analysis it would be 
necessary to calibrate these solutions 
against measured values . This was attemp
ted for the Chater Station data but was both 
extremely complex and not very successful. 
Assuming elast ic behaviour for the soil Jed 
to a great underest imation o f ground settle
ment , and it was necessary to adopt an 
elasto-plastic model in order to ach ieve 
anyt hing approaching the measured values. 

A study was made of published data relating 
lateral movements to ground settlements, 
and from this the relationship indicated in 
Figs. 5 and 6 was developed for ground 
movements due to excavation. 
The numerical models were subsequently 
used to carry out parametric studies on such 
variables as prop stiffness, slab levels , ex
tent of excavation prior to concreting of 
slabs, wall stiffnesses and the timing of 
ground water lowering. Jn this way an op
timum construction sequence could be 
developed which not only satisfied ground 
movement criteri a but also recognized the 
cost and programme requirements of the 
project. 
One of the most important conclusions of 
this study was that in order to keep overall 
lateral wall movements with in reasonable 
bounds the top of the wall had to be propped 
at all stages of construction. If the top were 
allowed to move the resu lting wall move
ment would dominate subsequent move
ments. Another important finding was that 
dewatering the site to rock-head level before 
excavation began , did not result in greater 
movements than dewatering as the excava
tion proceeded. 
The effect of omitting a slab level during in
itial excavation was also examined so as to 
speed up the construction programme. 
Although initially feasible and included in 
the construction sequence, the basement 
scheme was subsequently modified to in
clude the 10m diameter access caissons. 
These were introduced at a late stage to 
recover lost programme time and so allow 
the superstructure steelwork to proceed on 
schedule. In order to compensate for the ex
tra movements which would be generated by 
these large caissons, the construct ion of 
the 'omitted ' slab was therefore reinstated 
to its sequential place in the top-down 
method. 
Further programme gains were subsequen t
ly made when the ground movement survey 
results at the end of excavation to 81 level 
showed somewhat less settlement than 
predicted. This allowed a relaxation to be 
given on the limit of excavation below a slab 
prior to the concreting of that slab. The abili
ty to assess rapidly the consequences of 
such scheme modifications was of signifi
cant benefit to the project , since it allowed 
the incorporation of measures to speed pro
gress by being able quickly to satisfy the 
strict requirements of the Hong Kong 
Government Approving Authorities in rela
tion to assessment of effects on ad jacent 
buildings and roads . 
Predicted total settlements 
The initial predicted total ground set
tlements for all phases of basement con
struction are shown in Fig . 7. As can be seen, 
the largest settlement of about 55mm was 
predicted on Des Voeux Road whilst the 
maximum predicted settlement for Queen 's 
Road Central was about 45mm. The largest 
component of settlement was that due to 
basement excavation . 
A reassessment of the ground movements 
due to excavation was subsequently carried 
out , as has been described, in order to check 
the viability of the modified construction se
quence using the 10m diameter access 
caissons. The movement profiles generated 
by this study are shown in Figs. 5 and 6. It 33 



was found that although the access 
caissons caused a significant increase in 
ground movements, the introduct ion of full 
propping action at B2M level during excava· 
lion (where previously a double-height d ig 
had been proposed) compensated suffi· 
ciently to allow the access caissons to be 
used. 
Estimates of the expected settlement o f ad· 
jacent buildings indicated a max imum of 
20mm - 25mm for the Bank of China and the 
Chartered Bank. Fortunately the Courts of 
Justice fell outside the expected zone o f in· 
fluence and so no movement of th is building 
was anticipated . The calculated differential 
settlements were small , well within the 
limits defined by Burland & Wroth 4

. At worst 
the predicted movements should result only 
in minor cracking in plaster finishes , and no 
structural damage to any of the adjacent 
build ings was antic ipated. It was con· 
sidered that close to the excavation , settle· 
men! and lateral ground movements could 
cause small cracks to appear in the roads 
and pavements. Differential settlements 
however were again small and hence tram 
lines and underground services were unlike· 
ly to suffer damage. 

Instrumentation 
From the early planning stages it was decid· 
ed to install instrumentation to monitor 
ground movements and ground water levels , 
and also to monitor closely the movement of 
nearby buildings. This instrumentation 
would act as an 'early warning ' system if ef· 
fects were not as anticipated, allowing 
either the construction method to be 
modified or preventive measures to be im· 
plemented before any actual damage 
occurred. 
An example of such measures was during 
caisson excavation, when several caissons 
were being constructed immediately adja· 
cent to the diaphragm wall and in some in· 
stances extended several metres into rock 
below the toe of the diaphragm wall. During 
the final stages of excavation for these 
caissons the levels in nearby piezometers 
were observed to fall and approach the max· 
imum allowable drawdown limit. To prevent 
excessive drawdown the COG was recharg· 
ed locally through the existing eductor 
wells, and the piezometric levels were 
thereby maintained within acceptable 
limits. 
In total , 41 piezometers and standpipes were 
used to monitor ground water levels around 
the site. 11 inclinometers were installed to 
monitor the variation of lateral ground move· 
men! with depth, and a further 12 in· 
clinometers were installed within the 
diaphragm wall to monitor lateral wall 
movements. 
29 precise ground settlement survey sta· 
lions were installed at strategic locations 
around the site. The number of ground set· 
t lement stations was subsequently increas· 
ed by the installation of an additional 27 set· 
tlement points by the Hong Kong Highways 
Office, who were concerned about the ef· 
fects of the construction on underground 
services. The concern of the Highways Of· 
fice was shared by the Building Authority, 
who required the installation of a further 30 
temporary settlement stations before allow· 
ing construction to proceed. 
Settlement stations were also installed, 
with the owners' consent, on all neighbour· 
ing buildings. On the immediately adjacent 
buildings three targets were installed at 
various heights up the building facade so 
that tilt of the buildings could be monitored. 
Having installed this instrumentation the 
taking of readings became a full-time oc· 
cupation. Two subcontractors were ap· 
pointed to carry out the work. The first con· 

34 tract was essentially for surveying work, in· 
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vo lving precise levell ing and the mon itor ing 
of t ilt targets. The second contract was for 
the read ing of ground water levels and the 
taking and processing of inc linometer 
read ings. 
The frequency at which any part icular in
strument was read depended on the works in 
progress at the t ime. 

Measured movements 
Fig. 8 gives the comparison between 
measured and predicted ground set
tlements due to diaphragm wall construc
tion , and Figs. 9 and 10 show the measured 
lateral wall movements and ground set
t lements on north-south sections across 
Queen's Road Central and Des Voeux Road 
due to basement excavation . Figs. 11 and 12 
show the total settlement profiles along the 
two roads. The signifi cant redu ction in ac
tual d iaphragm wall ing settlements com
pared to the pred ict ions is princ ipally due to 
the achieved excess slurry heads being 
generally greater than the specified 3.5m, 
particularly along Des Voeu x Road where 
the head was maintained at c lose to 4.5m. 
The eductor well points proved to be well 
su ited to maintain ing constant drawdown 
levels in the COG, so allowing close control 
to be exerci sed on the excess slurry heads. 
With this system each well po int is in
dividually control led, and by regular small 
adjustments and frequent reading of 
piezometers it was poss ible to limit 
drawdown variat ions to with in 0.5m for the 
durat ion o f diaphragm walling. 
Comparison of Figs. 6 and 7 with Figs. 9 and 
10 shows that maximum gro und sett lements 
during the excavati on phase (inc ludi ng 
dewatering) were o f t he order of 60% - 70 % 
of t he predicted values. The lower actual 
values are partially attributable to the 
grouted diaphragm wall being a more effec
tive water cut -off than had been allowed for 
in the analysis, and also the stiffness of the 
COG was found to be generally higher than 
ant icipated . It can be seen that the major 
part of the ground movements due to ex
cavation occurred during the excavation to 
81 Level. 

The two adjacent buildings princ ipally af
fected by the construction were the 
Chartered Bank and the Bank of China, each 
of whi ch settled by a maximum of 15mm, 
with maximum t i lts towards the 1, QRC site 
of approxi mately 1 :2000. The total settle· 
ment of Beaconsf ield House was between 
6mm and 10mm. No distress or damage was 
recorded on any building. 
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The derivation 
of overall design lo.ads 
from the wind tunnel 
test resu Its 
Michael Willford 
The structural design and wind tunnel tests 
were described in detail in the paper by Jack 
Zunz et al wh ich appears earlier in this issue 
of The Arup Journal. This note, taken from 
reference 1, describes in more detail the way 
in which overall design loads on the building 
were derived from the wind tunnel 
measurements. 
Characteristic loads and partial factors 
Some of the problems that arise in attemp· 
ting to make rational use of predictions of 
load effects derived from wind tunnel tests 
for structural design are discussed in 
reference 2. 
In particular, decisions must be made on: 
(1) How the reference or characteristic load 
effect shou ld be defined 
(2) What partial factor to apply to the 
chosen characteristic value to achieve an 
appropriate level of safety and reliability. 
The conventional definition of the 
characteristic wind load (implied by CP3: 
Chapter V when used in conjunction with 
CP114, 85449 and CP110) is that load which 
occurs with the 50-year return period wind 
acting in the most adverse direction for the 
member under consideration . Although con· 
venient for code-based design , this defin i· 
tion has the disadvantage that the probabili· 
ty of the value being exceeded is not , in 
general, defined. When using the results of 
wind tunnel tests with a directional wind 
climate integration, alternative reference 
values can be chosen which are better defin· 
ed statistically. Possible reference values 
are: 
(1) The 50-year return period load effect 
(having 63% probability of being exceeded 
in 50 years) 
(2) The expected maximum value of the load 
effect in a 50-year period (having , roughly , a 
50% probability of being exceeded in 50 
years). 
The required partial load factor will depend 
both on how the reference value to which it 
is applied is defined and also on the level of 
safety required. Calibration with the level of 
safety currently embodied in CP110 has led 
to the following relationship (Croft 's equa
tion 10). 

Ru > 0.948 (1 + 4.8 /(0.01 + 0.77v2 )) (1) 

where Ru is the required ultimate structural 
resistance (CP110 definition) 

S is the expected maximum value 
of the load effect 

vis the coefficient o f variation of S. 
The greater the uncertainty and variability of 
S, the greater is the partial factor that should 
be applied. 
Analysis of uncertainty and variability 
The coefficient of variation of Scan be con· 
sidered in two primary components: 
(1) The variability in the load effect due to 
the inherent variability of the wind climate 
and the random nature of wind loading 
(2) Cumulative uncertainties in response 
prediction due to uncertainties in the ac· 
curacy of: 
wind climate models 
w ind tunnel test simulations 

~ structural properties 
i5.' modal analysis. 

The inherent variability of the wind process 
can be quantified by examining the relation· 
ship between a load effect and its predicted 
return period . As described in reference 2, 
when the relat ionship between a load effect 
and the logarithm of its return period can be 
taken as linear, the expected maxi mum 
value in a 50-year period can be calculated 
from the 50-year and 100-year return period 
values as 

X =0.168X50+0.832X100 (2) 

and its coefficient of variation from the 
slope, a, as 

v = 1.282 lax (3) 

where 1la = (X100- X50)1Log 2 
e 

The effect of inaccuracy in the modelling 
procedures cannot be quantified rigorously. 
However, one of the dominant unknowns is 
the total (st ru ctura l plus aerodynamic) dam
ping, and the effect of its uncertainty can be 
established by means of a parametric varia· 
lion study. In this case the total damping 
was varied between an expected value of 
1 % critical and a worst credible value of 
0.5%. The worst credible value is the worst 
value that the designer can realistically 
believe could occur, and here corresponds 
to the lowest values that have actually been 
measured for sway modes of buildings. A 
difference of three standard deviations is 
taken between the load effects calculated 
with these two values of damping enabling 
the coefficient of variation to be calculated . 

A total coefficient of variation of 0.10 has 
been assumed for all the other sources of 
uncertainty. 

Calculation of design load effects 
Table 1 shows the expected maximum 
values (for a 50-year period) and the cor· 
responding coefficients of variation for the 
overall base shear forces and torque on the 
building, calculated according to the prin· 
ciples described above. 

The ultimate design load effects calculated 
according to Equation 1 are given in Table 2. 
For comparison , the working values obtain· 
ed using the 1976 Hong Kong w ind code are 
given, and also values X5Q obtained from 
modal analysis of the wind tunnel test 
measurements applying the 50-year period 
wind in the most adverse direction (the tradi· 
tional characteristic load definition). 

Table 1 

Load effect 

E-W shear (MN) 

N - S shear (MN) 

Torque (MNm) 

Table 2 

Load effect· 

E - W shear (MN) 

N - S shear (MN) 

Torque (MNm) 

6.24 

12.7 

142 

In practice the torque is res isted by the 
masts almost entirely as opposing shear 
forces in the N - S direction on the two sides 
of the building. Further analysis, tak ing ac· 
count of correlation effects between N - S 
shear and torque, showed that the effective 
N - S shear on each half of the building 
R'u = 15.5MN ,comparedwithR'u. = 11,:5MN 
implied by Table 2 when torque ,s not 1ncor· 
porated. It should be noted that the 
aerodynamic shear forces and torque were 
found to be virtually uncorrelated in the 
force balance tests . However, within each 
mode the resonant shear and torque are 
clearly fully correlated . The responses from 
different modes were assumed to be uncor· 
related . 

The following may be concluded: 

(1) The statutory design forces (working 
loads) are greater than the calculated 
ultimate loads, indicating there to be a 
substantial margin of safety for both 
strength and peak deflection. This is largely 
due to sheltering , both topographical and by 
surrounding buildings, the effects of which 
are ignored in the Hong Kong Wind Code. 

(2) The ratio of ultimate load to the tradi · 
tionally defined characteristic load is seen 
to be in the range 1.60 to 2.02 which is 
significantly higher than traditional partial 
load factors. The traditional approach can 
thus produce results that are neither cons is· 
tent nor conservative when applied to the 
results of wind tunnel tests . 

The following factors will have contr ibuted 
to the higher partial load factors obtained in 
this case: 

(1) Responses with a sign i ficant resonant 
component increase with wind velocity with 
an exponent greater than 2. 

(2) The uncertainties in predicting dynamic 
response are greater than for static loads. 
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Coefficient of variation 

wind damping modelli ng to tal 

0.19 0.092 0.10 0.23 

0.17 0.031 0.10 0.20 

0.23 0.092 0.10 0.27 

Ultimate load Working loads 

Equation (1 ) HK Code X50 

12.3 23.3 6.1 

23.5 37.9 14.7 

297 152 
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Development 
and use of a 
cementitious 
barrier coating 

Turlogh O'Brien 
Allan Marsden 
Introduction 
The corrosion protection problems pre
sented by the design of the Hongkong Bank 
headquarters building have been described 
in the paper by Zunz et al elsewhere in this 
issue. 

The design constrain ts resulted in a situa
tion in which many of the external members 
could potentially remain damp or wet in
definitely. Moisture could be trapped in the 
ceramic fibre blanket fire protection during 
construction or collect from condensation 
occurring later. Maintenance will not be 
practicable during the design life of the 
structure. 

Previous experience suggested that the 
most appropriate form of corrosion protec
tion would be cementitious, since the alka
line nature of the protect ion provided by 
cementitious materials is not hindered by 
the presence of moisture. Paints and other 
barrier coatings are noticeably less effec
t ive in these ci rcumstances. No known paint 
scheme cou ld be relied upon to give a 
50-year life in these conditions, particularl y 
in those areas where the corrosion protec
tion would , of necessity, have to be applied 
on site after welding . 

Development 
It was concluded at an early stage that a 
conventional 50mm of concrete was not 
practicable for this structure. A decision 
was therefore taken to consider a cemen
titious barrier coating consisting of 
(nominally) 12mm of modified cementitious 
mortar. Prel iminary trials were carried out at 
Wimpey Laboratories in 1981 to evaluate a 
number of alternative means of achieving 
this. The tests carried out in this trial are 
shown in Table 1. 

The results of these trials were sufficiently 
encouraging for it to be accepted that the 
concept was practicable. The most suitable 
material appeared to be a gun-applied , SBR 
polymer-modified mortar, incorporating 
melt-extract stainless steel fibre reinforce
ment. Application by gun was essen t ial for 
large-scale use on complex surfaces. It also 
gave a dense, well-compacted material , but 
introduced the problem of overspray. 

Table 1: 
Testing of Wimpey Laboratories trial mixes 

(1) Spray up trials with the selected materials 
onto specially fabricated test samples 

(2) Determination of coating thickness 

(3) Density of applied material 

(4) Total water absorption 

(5) Impact testing 

(6) Bend tes ting 

(7) Water vapour permeability 

(8) Air permeability 

(9) Drilling test 

(10) Effects of heating the material 

(11) Macroscopic examination 

(12) Spray up onto mock-ups 
of complex structural elements. 

Stainless steel fibres were added only to the 
lower 6mm of the overall th ickness, in order 
to strengthen the coating both for the transit 
conditions and in-service stresses. The use 
of the SBR polymer sign ifi can tly redu ced 
the permeability of the product , allowing it 
to be used much thinner than would be 
necessary with concrete. Thus the material 
used brought together a number of estab
lished concepts in a system which is more 
obviously a variant of a concrete repair 
method . 

A further set of trials were carried out in 1982 
at the Teesside Laboratories of the British 
Steel Corporation , enabling a clearer de
lineation of the properties that might be ex
pected from the production material. These 
tests also confirmed that the material could 
not satisfactorily be applied to a painted 
steel surface, as adhesion was inadequate. 
Since a holding primer was to be used to pre
vent corrosion of the steel in transit , it had to 
be accepted that re-blast-cleaning would be 
required in Hong Kong. 

Following these tests a specification was 
prepared for tender purposes whi ch defined 
the properties required of the fina l material 
(Table 2) and the raw materials to be used 
(Table 3) but with only a limited set of re
quirements for the application of the 
material. The aim of this was to a llow a 
specialist subcontractor to propose the 
application techniques that he, with his 
specialized knowledge, considered wou ld 
be most suited to the task of achieving the 
properties required . 

It was envisaged that a th ree-mon th period 
would be set aside between award of sub
contract and commencement of application 
in which such techniques could be refined 
and perfected and, if necessary, the 
specification altered . 

In the event, the three month system trial 
period had to be drastically curtailed and 
was eventually merged with trials carried 
out to demonstrate that certain local sands, 
which did not comply with the specification, 
nonetheless produced a satisfactory end 
product at lower cost. These trials . took 
place in Hong Kong in late 1982. They were 
generally successful , except that it became 
clear that the specified adhesion value 
could not be achieved consistently. It was 
felt , however, that the risk involved in reduc
ing the allowable adhesion to 1.0 MPa was 
acceptably low. This change was made, and 
the local sands were accepted. 

Application 
The application of CBC took place at two 
locations, the off-site yard at Junk Bay and 
on site after erection. The material was 
applied to (virtually) all areas of primary 
structure externally, and to those areas 
most readily coatable internally . The deci
sion to use the material internally was an 
economic (and programme) choice, since 
the material is a considerable overspecifica
tion in these areas in terms of corrosion pro
tection. The total area of steel which was 
coated was of the order of 48,000m 2

. It was 
originally envisaged that 80 % would be 
coated off-site, and transported to site in the 
coated condition. The handleability of the 
material proved excellent, and very little 
transit damage occurred. Where small areas 
of damage did occur, or where small areas of 
unacceptable material were found and cut 
out, repair was carried out using a hand
applied epoxy mortar. 

On site, the areas left clear of material for 
site welded joints, for temporary attach
ments, for crane supports and other reasons 
were prepared by blast cleaning prior to the 
CBC application. Any large defects in the 
off-site material were cut out and treated in 
a similar way. 

Table 2: 
Property requirements at tender 

Property 

Thickness 

Adhesion 

Vapour 
permeability 

Chlorides 

Strength 

Cracks 

Table 3: 

Requirement 

<t: 12mm 1>20mm 

;;;,2.5 MPa when measured by 
pull-off of cored disc (using 
Elcometer adhesion tester) 

1>15 glm2lday at 75 % RH and 
25° c (using modified version of 
test in 8S 3177) 

:t>0.05% C1 - by weight of 
cement 

Capable of withstanding Bkg on 
a 50mm ~ ball dropped over 2m 
wi thout visible damage or 
.de.lamination 

No cracks> 0.1 mm width 

Materials to be used in cementitious 
barrier coating, as at tender 

Material 

Cement 

Sand 

Fibre 

Description 

OPC to 8512 

Zone 3 washed natural sand to 
85882, 100% passing 5mm 
s ieve 

Melt extract type 430 stainless 
steel fibres , 12mm nominal 
length 

Dry materials to be supplied pre-batched and 
mixed in proportion 3:1 sand:cement, with 5% by 
weight fibres added to mix for first layer. 

SBR 

Water 

Ronafix from Ronacrete Ltd. or 
equivalent approved 

Mains water, tested to 
853148:1980 

SBR and water to be mixed 50:50 by volume. 
No other additions allowed. 

Table 4: 
Typical Figg test results 

Sample Results 

Junk Bay CBC 1000-1600 sec 

Site CBC approximately 1000 sec 

Time(s) Type of material 

Standard less than 30 porous mortar 
interpretations 30-100 20 MPa concrete 

100-300 30-50 MPa 
concrete 

300-1000 Dense, well 
compacted 
concrete 

1000+ Dense polymer 
modified 
concrete 

Table 5: 
Typical water vapour permeability results 
(Full thickness specimens) 

Sample 

CBC 
Reference concrete 
(50mm thickness) 

Specification 

Result 

0.2-5 glm 2lday 

15-30 glm 2lday 

::J:>15 glm 2lday 
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QA-QC 
Due to the relative tt-linness of the coating 
compared with conventional concrete, it 
was clear that a high level of quality 
assurance would be required, especially 
since the programme and access arrange· 
ments precluded intensive quality control 
on the final product. Inspection and testing 
were carried out at all stages from the barge 
carrying the sand, through the batching 
plant on to the actual spraying of the 
material. The most difficult area was testing 
the as-sprayed material , which , of course, 
had to be carried out either non
destruct ively , or on separate test pieces. In 
situ testing consisted of visual inspection 
for defects, thickness check using an 
Elcometer coating th ickness guage, and a 
hammer-tap inspection for loss of bond. 

Tests on sprayed test panels had necess
ari ly to be carried out quickly (before the 

relevant elements were covered with fire pro
tection , etc.) , and in order to gain a rapid im· 
pression of the permeability of the material , 
a modified version of the Figg air perme
ability test was developed and used 1, 
together with a number of more conven· 
tional tests, such as crushing strength and 
pull-off adhesion. Sample permeability 
results are given in Tables 4 and 5. 

Conclusion 
The design constraints on the project 
created an extremely challenging problem 
for the corrosion engineer, with no 
established protection system wholly satis· 
tying the requirements. By modifying and 
extending a technology previously applied 
in the repair of reinforced concrete, 
however, a system has been developed 
which has given the required assurance of 
protection for the life of the structure in an 
aggressive environment. 
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Project planning 
Peter Bolingbroke 
Our Project Planning Group first became in
volved in the project in November 1979, 
when they were asked to estimate the con
struction times for various development op
tions being considered by Foster 
Associates . This information was later in
corporated in a report which outlined 10 
strategies for developing the site and in
dicated the timescales and costs applicable 
to each. By the end of January 1980, the 
client had chosen a development option 
which provided a public banking facil ity in 
an adjoining Annexe before the 1935 
building was demolished and retained this 
facility until the new building was open. 

Vacation and conversion of the Annexe 
When the basic development strategy had 
been decided, the Group was asked to col
laborate with representatives of the Bank's 
property and operational departments in 
preparing a programme for vacating the An
nexe, so that a date could be established for 
the conversion work to start. As this involved 
the relocation of a number of departments 
and a complex series of moves, a critical 
path flow diagram was used to analyze the 
situation and this identified 30 November 
1980 as the earliest date by which the An
nexe could be finally cleared. 
By mid-February, Fosters had prepared five 
outline schemes for converting the premises 
to a small clearing bank and PPG had 
drafted indicative construction programmes 
for each . These programmes showed that 
the time required for carrying out the site 
works would range from seven months to 
one year, depending on which conversion 
scheme was chosen. From discussions 
which followed in the next two months it was 
apparent that the client favoured the 
scheme with the shortest construction time, 
so a detailed study was made of the overall 
programme, including design and pre
ordering times, to test its feasibility with 
regard to conversion work starting im
mediately the Annexe was vacated . These 
studies confirmed that the selected scheme 
could be accomplished between 1 
December 1980 and 30 June 1981 , provided 
that certain long-delivery items were placed 
on order in June 1980 and that a con
siderable amount of overtime and double
shift working was permitted during the con
struction phase. 

Target master plan May 1980 

1980 I 1981 I 
Vacat e Annexe ----, 1 Dec. 1980 

I 

Vacation and demolition of the 1935 building 
On the assumption that the converted An
nexe would be ready for occupation by July 
1981 , the client then commissioned a pro
gramme study to see whether all depart
ments housed at 1 Queen 's Road Central 
could be relocated by that date, thus clear
ing the way for demolition of the 1935 
building. Working in close collaboration 
with the departments concerned , a plan was 
formulated for transferring all personnel to 
other offices in Hong Kong prior to July 
1981 , except for the banking hall staff who 
would move into the Annexe as soon as the 
conversion works were complete. Finally, 
the si x months period which had been 
assumed for demolition of the 1935 building 
was confirmed by a local contractor, so it 
now seemed poss ible that ·construction of 
the new building could begin in January 
1982. 

Construction studies 
From February to May 1980, various con
struction methods and sequences were in
vestigated, with the object of establishing a 
programme for the new building being 
operational in 39 months, the timescale first 
identified for this development option. The 
initial studies were based on a preliminary 
design which included a substructure 10m 
deep and a superstructure which rose some 
30 storeys above ground level. It was also 
assumed that the structural steel frame 
would be featured externally and that high
quality c ladding would be applied to all 
elevat ions. Finally, it was apparent that 
soph isticated services systems would be in
stalled throughout the building and that 
specialized finishes would be required in 
several areas. 

To enable a building of this nature to be con
structed in the shortest possible time, a 
structural design concept had already been 
adopted whereby erection of the superstruc
ture could proceed in parallel with basement 
construction . Furthermore, it was an agreed 
strategy that many of the building services 
and internal finishes would be designed as 
prefabricated units for speedy installation 
on site. Based on these criteria , an outline 
programme was drafted for the major 
building elements which identified that erec
tion of steelwork should start some 21/, 
years before the opening date, to allow suffi
cient time for the cladding, fit-out and com
missioning operat ions which fol lowed. It 
was evident , therefore, that the total con
struction time for the new building would de-

1982 I 1983 I 1984 I 1985 

Annexe conversion 1 July 1981 

Vacate 1935 building 

Demol ish 1935 bu ild ing 

Construct new build ing 

Structural steelwork 

1 Jan. 1982 
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Superstructure I _ : 
I 

= I Cladding I ~; 
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Bu ild ing open 
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= ~ei v} c~s_ I • Finllhel I 
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Fabricate & Deliver I __ , 

pend on two factors; namely, the date when 
the first steel section.s would arrive on site 
and the time required to complete substruc
ture elements essential for the start of steel 
erection . 
With regard to delivery of steelwork it was 
estimated that the first consignment would 
reach Hong Kong by January 1983, about 
one year after site work had started . This 
estimate was based on a steelwork contrac
tor being appointed by the end of 1981 . 
When reconsidering the programme for 
substructure works in April , it was assumed 
that the lowest basement level would be 15m 
below Queen's Road Central. This was 5m 
deeper than the original scheme, but was 
now thought necessary to accommodate all 
facilities planned in the basements. The pro
gramme showed that a period of 13 months 
would be required to complete the works 
which preceded the start of steel erection 
thus indicating that the minimum construe'. 
lion time for the new building would be 
31/, years. 
Target master plan 
In mid-May 1980, a preliminary design con
cept for the new building was formally 
presented to the board and general 
managers of the Bank with the aid of slides 
and a model. At the same time, a target 
master plan was displayed to illustrate the 
proposed sequence and timing of the main 
development stages prior to open ing the 
new building and removing the Annexe (See 
Target master plan flow chart). 
This plan incorporated all programme fin 
dings to date and it highlighted the strictly 
sequential nature of the preliminary works 
which preceded construction of the new 
building. Hence, it was stressed that delay 
in completing any of these works would 
have a 'knock-on· effect on all subsequent 
activities. It was also pointed out that the 
main building programme had been extend
ed to 42 months to accommodate the in
creased depth of substructure required for 
the recommended basement scheme. Final
ly , it was emphasized that occupation of the 
new building in July 1985 was largely depen
dent on steel erection starting by February 
1983; an important milestone in the master 
plan. 
Contractors' programmes 
When the six joint-venture contractors were 
briefed in September 1980, prior to tendering 
for management of the construction opera
tions, the target master plan was again 
displayed. On this occasion, the construc
tion schedule for the main building works 
was shown as 1 January 1982 to 30 June 
1985, with only the key date for first delivery 
of steelwork being identified. This left the 
contractors free to formulate their own 
methods and programmes for executing the 
works prior to and following the start of steel 
erection, but it was pointed out that the 
structural design would permit the super
structure and basements to be built in 
parallel , if required . 
It was interesting to compare the various 
construction methods and programmes pro
posed by the contractors when their formal 
submissions were received . For example, 
two contractors indicated that the whole 
basement structure would be complete prior 
to the start of steel erection, one contractor 
considered that completion of the main 
building works by July 1985 was over
optimistic , while another felt that the new 
build ing could be opened 6 months earlier 
than scheduled! 
Having analyzed the contractors ' submis
sions and interviewed their proposed 
management teams, the John Lok/Wimpey 
joint venture was selected as management 
contractor for the project in October 1980. 
From that time, all construction planning 



and programming was carried out by the 
management contractor's staff, both for the 
new building and for the Annexe conversion 
works. 
Final design concept 
In January 1981 , formal presentations of the 
final design concept for the new building 
were made to the development team, 
general managers and all members of the 
Bank board. The presentations covered ar
chitectural , structural and services aspects 
of the building, together with programme 
and cost matters. 
With regard to the overall project plan, the 
key dates for conversion of the Annexe, 
demolition of the 1935 building and con
struction of the new building remained the 
same as those identified in May 1980. On 
this occasion, however, the construction 
methods, sequence and programme propos
ed by the management contractor for the 
main building works were described in some 
detail by a series of slides. The presentation 
also included an estimate of the time involv
ed in removing the Annexe after the new 
building opened in July 1985 and completing 
the remaining portion of the main building 
on the western boundary of the site. 
As the infill works would take place in close 
proximity to users of the new banking hall 
and would occupy a period of some 15 
months, the client requested a study on 

earlier removal of the Annexe, so that con
struction of the new building could be achiev
ed in a single phase. In the last week of 
January, a report was prepared which com
pared four development options for the 
Annexe area (in terms of cost , additional 
floor area and project completion date) relat
ed to various periods for retaining temporary 
banking facilities on the site. On the basis of 
this report , the client decided that continuity 
of construction for the new building should 
be maintained to July 1985, by removing the 
Annexe not later than July 1983. 

Pre-tender programmes 
and decision schedules 
As the management contractor developed 
detailed construction programmes for the 
new building and identified dates for tender
ing the various sub-contract packages, a 
pre-tend·er programme was formulated for 
each package by PPG in consultation with 
the relevant members of the design team. 
These programmes were used for regular 
progress monitoring of the design and bill· 
ing procedures, and monthly trend analysis 
reports were issued for many packages, 
relating to services and finishing elements , 
which were subject to a complicated series 
of approvals by the client and building 
users. 
In parallel with the preparation of pre-tender 
programmes, a schedule of client decisions 

Progress positions: comparison of target dates with actual dates 

Stage Target date Actual date 

Annexe vacated 1.12.80 1.12.80 

Conversion of Annexe complete 1.7.81 26.6.81 
and 1935 building vacated 

1935 building demolished 1.1.82 December '81 

Start construction of new build ing 1.1.82 13.1.82 

Start erection of steelwork 1.2.83 27.1.83 

New building open 1.7.85 1.7.85 
(Zones 1-3) 

and approvals was issued and updated at 
regular intervals, so that the whole project 
team was aware of the actions necessary to 
achieve the out-to-tender date for each sub
contract package. 
Between April 1981 and September 1984, 
some 200 pre-tender programmes were for
mulated and more than 40 issues were made 
of a schedule of client decisions. Until 
August 1983 this work was done by the UK 
staff, but for the remainder of the time was 
undertaken by members of the Hong Kong 
office, as the design team was then 
established in the colony. 
TOP Programmes 
In September 1984 the Hong Kong staff were 
asked to assist in the preparation of pro
grammes for obtaining Temporary Occupa
tion Permits for sections of the new 
building, so that the Bank's departments 
could move in progressively during the 
period July to November 1985. The program
mes were developed in network form as they 
had to combine numerous activities and 
complex interrelationships involving all 
public utilities, the Fire Service Department , 
the Building Ordinance Office, the design 
team, the management contractor and 
those responsible for commissioning the 
building services. 
Once a week the programmes were reviewed 
in detail and prompt corrective action taken 
whenever an activity fell behind schedule. 
By October 1985 this tight monitoring 
system had resulted in TOP's for zones 1-5 
being granted on schedule and occupation 
by the Bank personnel proceeding as plan
ned. 
Achievement of plan 
It is always interesting to compare plan with 
achievement at the conclusion of a large 
and complex construction project. In the 
case of the new headquarters for the 
Hongkong Bank, a comparison shows that 
the progress position at each stage of the 
development was virtually in line with the 
target dates set in May 1980 (See table). 
Even by Hong Kong standards, this was a 
notable achievement by all concerned. 



Seawater 
intake system 
1 Excavation of Shaft no. 2 at Star Ferry 

2 Upper half of Shaft no. 2 

3 Drilling probe holes ahead of the face 
to detect water 

4 Tunnel excavation 

5 Mobile shutter for concrete tunnel lining 

6 Lined tunnel 
with pipes and cables installed 

7 Seawater pipes at base of Shaft no. 2 

8 Shuttering and reinforcement 
at the tunnel 's junction with Shaft no. 2 

9 Flanged joint and spacer for valve 
installation on seawater main 

10 Base of Shaft no. 2 

11 Seawater intake chamber 
with twin cup screens 
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Arups ' 
project team 
for the 
seawater system 

Warren Beynon 
Mark Bidgood 
David Butler 
Peter Chan 
Paul Fowler 
Naeern Hussain 
Alan Kemp 
O.Y. Kwan 
Lindsay Murray 
Simon Murray 
Chris Nunns 
Douglas Parkes 
Brian Pinkerton 
Viv Troughton 
Colin Wade 
Can Wong 
W.P. Yeung 

Photos: 

1, 2, 3 & 9: Simon Murray 
4, 5, 7, 8 & 10: Sam Liu 
6: Wimpey Construction 
11 : Colin Wade. 




